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Preface

In most parts of the developed world, the building stock and the civil infrastructure are
ageing and in constant need of maintenance, repair and upgrading. Moreover, in the light of our
current knowledge and of modern codes, the majority of buildings stock and other types of
structures in most of the world are substandard and deficient. This is especially so in
earthquake-prone regions, as, even there, seismic design of structures is relatively recent. In
those regions the major part of the seismic threat to human life and property comes from old
buildings.

Due to the infrastructure’s increasing decay, frequently combined with the need for
structural upgrading to meet more stringent design requirements (especially against seismic
loads), structural retrofitting is becoming more and more important and receives today
considerable emphasis throughout the world. In response to this need, a major part of the fib
Model Code 2005, currently under development, is being devoted to structural conservation
and maintenance. More importantly, in recognition of the importance of the seismic threat
arising from existing substandard buildings, the first standards for structural upgrading to be
promoted by the international engineering community and by regulatory authorities alike are
for seismic rehabilitation of buildings. This is the case, for example, of Part 3: Strengthening
and Repair of Buildings of Eurocode 8 (i. e. of the draft European Norm for earthquake-

‘resistant design), and which is the only one among the current (2003) set of 58 Eurocodes

attempting to address the problem of structural upgrading. [t is also the case of the recent
(2001) ASCE draft standard on Seismic evaluation of existing buildings and of the 1996 Law
Sfor promotion of seismic strengthening of existing reinforced concrete structures in Japan.

As noted in Chapter | of this Bulletin, fib, and before it CEB and FIP, have placed
considerable emphasis on assessment and rehabilitation of existing structures. The present
Bulletin is a culmination of this effort in the special but very important field of seismic
assessment and rehabilitation. It has been produced over a period of 4 years by a truly
international team of experts, representing the expertise and experience of all the important
seismic regions of the world. In the course of its work the team had six plenary two-day
meetings: in January 1999 in Pavia, Italy; in August 1999 in Raleigh, North Carolina; in
February 2000 in Queenstown, New Zealand; in July 2000 in Patras, Greece; in March 2001
in Lausanne, Switzerland; and in August 2001 in Seattle, Washington. In October 2002 the
final draft of the Bulletin was presented to public during the 1* fib Congress in Osaka. It was
also there that it was approved by fib Commission 7 Seismic Design.

Patras, February 2003 Michael N. Fardis
Convener of TG 7.1
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1 Introduction

Earthquake engineering is a young field of multidisciplinary applied science, which
developed over the last fifty years with remarkable progress. Significant achievements in
seismology, in geotechnical and in structural engineering resulted in the accumulation of a
broad knowledge base for producing safe structures against earthquake hazards. This
knowledge has been successfully converted into well-accepted analysis methods, design
procedures and construction techniques that arc governed by earthquake resistant codes and
standards in earthquake prone countries, sometimes enforced as laws. The point where
earthquake engineering stands today is quite satisfactory, in the sense that new structures built
in seismic regions possess an in-built margin of safety leading to acceptable performance
under design level ground motions.

Such huge progress in earthquake engineering is not yet sufficient to reduce the losses
from urban earthquakes to acceptable levels. Recent urban earthquakes in the U.S.A. (1994),
Japan (1995), Turkey, Greece and Taiwan (1999) demonstrated the vulnerability of the
existing building stock in seismic regions. Older hazardous buildings are responsible for the
thousands of lives lost, and significant damage observed in the last decade. Existing
substandard buildings perhaps outnumber possibly safe new buildings in the urbanized
regions exposed to seismic hazard. Therefore the attention in earthquake engineering should
focus more on existing than on new buildings, in order to bring acceptable solutions to
earthquake prone societies, as indeed has been the case during the last decade. Seismic
rehabilitation has emerged as a major topic in earthquake engineering and has become a
prominent research field in countrics carrying significant seismic risk.

During the rapid progress of earthquake resistant design and construction of (new)
buildings in the last fifty years, the seismic safety profile of the building stock in the
earthquake prone regions of the world did not change appreciably, despite higher attrition
rates in developing countries. Without any surprise, damage was always observed in these
substandard buildings in the past earthquakes, whereas the small portion of buildings
possessing post-1980 seismic safety standards displayed highly satisfactory performances.
Although the proportion of substandard buildings with acceptably low damage rates was
usually higher than those with serious damage under the same earthquake shaking, this fact
had usually been disregarded in the final decision process. Considering that the newer
buildings complying with the post-1980 seismic codes, which have more or less the same
format in all countries, have passed the live tests during the 1985 Mexico City, 1989 Loma
Prieta, 1992 Erzincan, 1994 Northridge and 1995 Kobe earthquakes, a silent consensus have
been reached for the rehabilitation concept of existing buildings: they must be upgraded to the
safety levels of new buildings. The implications of this concept, however, were not rational at
all. First, upgrading the individual components of an existing system to the standard of new
components is technically impossible, especially in improving the substandard detailing of
reinforced concrete members. Second, the cost paid even for achieving the general safety
level of new buildings is unacceptably high, comparable in fact with the replacement cost.
Third, a large-scale field application is necessary to upgrade a substandard building to the
current code level, which would require its evacuation for a considerable length of time.

Social psychology after a damaging earthquake plays a more important role in developing
the societal motive for seismic rehabilitation than the concept of preparedness for the next
one. Building owners of a community that is freshly shaken by a disturbing earthquake, or
who are afraid because of an earthquake which affected a nearby community, build up a
strong potential for rehabilitating their building under social pressure. This is a transient
motivation however, which fades away as the fear of the past earthquake loses its dominance
over the society. On the other hand, long term preparedness efforts are hindered by the
negative impact of the code-level upgrading concept stated above, manifested by high costs
and long term disruptions in building use. Past experience confirms these observations.
Seismic rehabilitation executed by individual building owners is marginal in all earthquake
‘prone societies, and the bulk of rehabilitation work is carried out for public buildings, where
cost and service disruptions are not the major concerns.

The demand for seismic safety assessment and rehabilitation of building stocks in large
urban settlements is huge. There are hundred thousands of existing vulnerable buildings in
large metropolitan cities at risk such as Istanbul, Athens, Los Angeles, Napoli, Tokyo and
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many others. Retrofitting all vulnerable buildings is not a realistic solution that can be applied
before the next big earthquake. The highest priority lies in two extremes: Identifying the
hazardous buildings which have a high possibility of collapse, and identifying those which
ensure life safety despite being substandard. This requires simple, yet effective, assessment
procedures that enable handling large number of buildings within a time. Based on the
outcome of such simple seismic risk assessment procedures, buildings which do not possess
life safety performance must be either demolished or rehabilitated. Social issues usually play
a more important role in making such decisions than technical parameters. Strong public
policies are required for the implementation of a large scale seismic rehabilitation program,
e.g. to enable transfer of property rights for buildings to be demolished and provide financial
support for the buildings for which rehabilitation is deemed feasible.

Seismic rehabilitation of large building stocks requires engineering approaches that are
dramatically different from the traditional approaches of structural enginecring. If seismic
rehabilitation is going to become an essential element of earthquake preparedness, building
owners should be regarded as the potential victims of a future earthquake, but not as clients.
The retrofit solutions offered should focus more on developing simple, standard, cost
effective techniques which satisfy minimum requirements for public safety with least
disruption of social life. The performance objectives should be well pronounced, to provide
clear perception and acceptance by society.

Performance-based seismic rehabilitation is a serious effort with growing appeal for
identifying the strengths and wcaknesses of existing substandard buildings and upgrading
them to performance levels consistent with the objectives discussed herein. It is hoped that the
methods presented in this fib Bulletin will serve as a strong technical support in overcoming
the inherent difficulties of seismic rehabilitation. [f so, they may lead to the standardization of
assessment procedures and retrofit techniques.

fib, and before it CEB, has placed considerable emphasis on assessment and rehabilitation
of existing structures. In the broader, non-seismic field, fib has published in 2002 bulletin 17:
“Management, maintenance and strengthening of concrete structures”, while CEB has
produced in 1998 Bulletin 243: “Strategies for testing and assessment of concrete structures —
Guidance Report”, in 1989 Bulletin 192: “Diagnosis and assessment of concrete structures —
State-of-the-art Report” and as early as in 1983, Bulletin 162: “Assessment of concrete
structures and design procedures for upgrading (Redesign)”. Although it has a general scope
and does not mention seismic or cyclic loading in its title, this latter pioneering document
places considerable emphasis on this type of loading. Moreover, as it has drawn from the
early experience and expertise of Southern European countries, especially Greece and Italy, in
seismic upgrading rescarch and application, it has been for long a reference document for
seismic assessment and rehabilitation of concrete structures (Among others, it has been a
source document for ENV 1998-1-4, i.e. the pre-standard version of the part of Eurocode 8 on
(Seismic) “Strengthening and repair of buildings™). In this more narrow field, CEB has also
published in 1996 Bulletin 232: “Fastenings for seismic retrofitting — State-of-the-art Report
on design and application”, another source document for international standardisation in
seismic retrofitting. :
In this context, it is worth reminding how the relevant terminology has evolved within
CEB and fib. '
CEB Bullctin 163 has introduced the following definitions:
- Assessment: Evaluation of the condition and the mechanical characteristics of a
structure.
- Intervention: Repair, substitution, strengthening.
- Repair: Restoring of the initial mechanical characteristics.
- Substitution: Demolition and rebuilding of (heavily) damaged elements.
- Strengthening: Instating of mechanical characteristics higher than the initial ones.
- Redesign: Design procedures concerning interventions.
. Later on, the equally seismic-minded CEB Bulletin 232 has re-worded slightly some of
the above definitions, and added new ones:
- Rehabilitation: reconstruction or renewal of a damaged building to provide the same
level of function which the building had prior to the damage.
- Remodelling: (term not commonly used in Europe) reconstruction or renewal of any
part of an existing building owing to change of usage or occupancy.

2 1. Introduction
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—  Repair: reconstruction or renewal of any part of a damaged or dgteylorated building to
provide the same level of strength and/or ductility which the building had prior to the
damage. . o ,

- Retrofitting: concepts including strengthening, repairing and remodeling. (Structural
intervention is used in some European countries instead of retrofitting). o

—  Restoration: rehabilitation of buildings in a certain area. (Term used only for historical
structures or monuments, it means both repairing and strengthening in Europe). _

-~ Strengthening: reconstruction or renewal of any part of an existing building to provide
better structural capacity, i.e. higher strength and/or ductility, than the original
building.

More recently, CEB Bulletin 243, with its more general scope, (re)defined some of these

_terms: ‘

—  Assessment: The process of gathering and evaluating information about the form and
current condition of a structure or its components, its service environmeqt and gcng:ral
circumstances, whereby its adequacy for future service may be established against
specified performance requirements, loadings, durability or other criteria.

- Evaluation: As assessment, but may be applied more specifically in respect of
suitability against a particular criterion such as a specified loading. The term
assessment is often used more commonly in connection with damaged or deteriorated
structures. '

- Rehabilitation: Bringing the structure back to its original or higher level of function,
including durability and strength.

- Remodelling: Changes or altcrations to a structure to meet revised function,
performance requirements, usage or occupancy. The term is often employed where
changes principally involve appearance, rather than alteration of the structural
components.

- Repair: Action taken to reinstate to an acceptable level the current functionality of a
structure or its components which are either defective, deteriorated, degraded or
damaged in somc¢ way and without restriction upon the materials or methods
employed. The action may not be intended to bring the structure or its components so
treated back to its original level of functionality or durability. The work may
sometimes be intended simply to reduce the rate of deterioration or degradation,
without significantly enhancing the current level of functionality.

- Retrofitting: Action to modify the functionality or form of a structure or its
components and to improve future performance. It relates particularly to the
strengthening of structurcs against seismic loading as a means of minimizing damage
during specified earthquake or to increase load carrying capacity.

- Strengthening.: Action to increase the strength of a structure or its components, to
improve structural stability of the construction.

Considering the alrcady established tradition, as well as the evolution of the terminology

within CEB and fib, it has been decided in this Bulletin to use mainly the term Assessment,
over Evaluation, and the term Retrofitting its commonly used equivalent of Rehabilitation.

In addition to the Introduction, the present document comprises the following Chapters:

Chapter 2: Performance objectives and system considerations.

As the contents of the rest of the Bulletin are very quantitative, Chapter 2 adopts a
qualitative approach, emphasizing understanding and judgement of the engineer. It comprises
an overview of:

- The basic concepts of seismic resistance and response;

- Common reasons/sources of vulnerability of existing buildings (with many pictures of

damage as examples);

- Available retrofit options, with their rationale, pros and cons;

- the current philosophy on performance objectives for the assessment or retrofit of

existing buildings;

- Socioeconomic. issues important for retrofitting (cost, liability, impact on occupancy

and environment, historic preservation, etc.).

Chapter 3: Review of seismic assessment procedures

This chapter attempts a comprehcnsive overview of major and recent procedures for
preliminary or detailed assessment of individual existing buildings (force- or displacement-
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based). All procedures are described in a stand-alone manner, independently of national/
regional codes or standards (i.e. in more generic terms). Detailed assessment procedures
described in this Chapter are meant to apply (and should be applied) to retrofitted buildings
too, to gauge the effect of retrofitting.

Chapter 4: Cyclic behavior of non-seismically detailed components

This chapter represents a behaviour (resistance, stiffness, deformation capacity, etc.) of
RC members and connections under cyclic loading, with emphasis on effects of lack of
detailing for earthquake resistance. Behaviour is described in qualitative terms, along with
several alternative models and comparisons with experimental results (database studies,
emphasis placed on scatter).

Chapter 5: Seismic Retrofit Techniques

The chapter attempts a comprehensive coverage of retrofit techniques (conventional or
not), including:

- technology of application;

-~ experimental data on retrofitted members;

- engineering models and expressions for the retrofit design;

- recommendations for the conceptual and the detailed design of the retrofitting.
The chapter also covers retrofit strategies and instructions for selection of the retrofit
technique.

Chapter 6: Probabilistic concepts and methods

The chapter overviews modelling of randomness in demand (seismic motion) and
(strength or deformation) capacity. It also overviews and applies two “simple” but effective
probabilistic assessment procedures, based on simulation of the response by nonlinear
dynamic analysis: The 2000 SAC/FEMA 350 method by Cornell and co-workers (with
application to a real 4-storey 3D RC building); and the “Efficient Fragility Analysis” method
by Giannini and Pinto (with application to a planar 3-storey RC test frame).

Chapter 7: Case studies

Two real buildings from the Ceyhan and Dinar (TR) earthquakes are assessed before and
after retrofiting (using the FEMA 273/356 procedure with lincar dynamic, nonlinear static
“pushover” and — for verification of pushover analysis — nonlinear time-history analysis, and
the composite spectrum method of ATC-40). Then, two frames typical of old Italian design,
are analysed in great detail with various procedures, from linear dynamic to nonlinear time-
history analysis, with “pushover analysis” (FEMA 273/356, ATC-40, N2 method). This is
more an in-depth comparative study of analysis procedures applied to existing buildings.
Finally, a 4-storey dual building in 2D, typical of old Greek construction, is assessed with the
FEMA 273 and 356 lincar and nonlinear static procedures and the displacement-based
approach of NZ Guidelines.

4 1. Introduction



Copyright fib, all rights reserved. This PDF copy of fib Bulletin 24 is intended for use and/or distribution only by National Member Groups of fib.

2 Performance obijectives and system considerations

Evaluation of an existing building and development of a retrofitting scheme benefit from
understanding the dynamic response of a structural system and how that response 1s affected
by global and local characteristics of the system. This chapter begins by examining some
elementary concepts of structural system dynamic response to earthquake motions. These
_elementary concepts are illustrated in several examples of the performance of buildings in
past earthquakes. A subsequent section describes generic retrofitting strategies that may be
considered for rectifying inadequacies. The final sections describe performance levels and
objectives as well as some social aspects of seismic retrofitting.

2.1 Concepts of structural system response to earthquakes

2.1.1 Earthquake input

The seismic hazard at a site generally refers to the potential for ground shaking, fault
rupture, inundation due to earthquake-induced waves, and other ground failure phenomena
such as soil liquefaction and landslide. Each of thesc hazards can pose a realistic threat to a
structure depending on its construction site, and each should be considered as part of a
seismic assessment and retrofit. However, in most instances the major seismic hazard is posed
by ground shaking associated with energy relcase from a fault.

For a given earthquake occurrence, the ground motion at a site depends on a number of
parameters, including fault rupture mechanism, path from rupture zone to site, and local site
conditions. More generally, the hazard level at a site is not represented by a single earthquake
occurrence but necds to take into consideration all the earthquake faults that may affect the
site as well as the range of earthquakes that can occur on each fault. Seismic assessment at a
site needs to recognize rare, large-magnitude earthquakes at near to far distance, as well as
more frequent, medium-magnitude earthquakes at close distance.

Studies of the geological strata and historic records indicate that smaller-magnitude
earthquakes generally occur more frequently than larger magnitude earthquakes.
Consequently, seismic hazard or expected shaking level at a given site depends on the time
horizon being considered. This subject is considered in discussions on seismic performance
objectives in a later section of this chapter.

Methods for estimating shaking intensity for different hazard levels include both zonation
map-based procedures and site-specific approaches. Map-based procedures, such as those in
the Uniform Building Code (UBC 97), use maps of peak accelerations or spectral
accelerations, along with spectral shapes to define acceleration design spectra for different
sites and hazard levels. These procedures were developed for traditional force-based design
approaches, and may be unsuitable for displacement-based designs, especially for longer
vibration periods.

Past earthquakes have demonstrated the importance of recognizing that shaking intensity
depends strongly on the site characteristics. Soft soil sites tend to filter out short periods and
amplify longer periods, often resulting in higher spectral ordinates for vibration periods of
interest for existing buildings. Procedures for determining site amplification effects have been
developed and are widcly used in seismic design applications such as those in the National
Earthquake Hazard Reduction Program Provisions (BSSC 1998). The 1985 Mexico
earthquake demonstrated a pronounced effect of filled land by developing almost harmonic,
high-intensity, long-duration motion (Rosenblueth and Meli 1986).

2.1.2 Dynamic response of structures

In the context of this discussion, dynamic response refers primarily to acceleration and
displacement response of structural systems subjected to earthquake ground motions. We are
interested here in understanding conceptually how properties of a structure, such as stiffness,
mass, strength, and damping, influence dynamic response and expected performance. Also, by
understanding these parameters, the engineer can be enlightened about how to retrofit a
structure to effect changes in response and improvements in performance.
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2.12.1  Single-degree-of-freedom oscillators

It is convenient as a starting point to idealize a complex three-dimensional structure into a
simpler single-degree-of-freedom (SDOF) oscillator, as shown in Fig. 2-1. As idealized, the
oscillator has stiffness, mass, and damping properties equivalent to those of the actual
structure vibrating in a predominant mode. The vibration period of the oscillator is defined as

T = 27t,/M /K , where M is the mass (weight divided by gravity acceleration) and K is the

stiffness. Assuming linear elastic response, the peak absolute acceleration and relative
displacement response for an earthquake ground motion can be calculated as a function of the
vibration period, T, and viscous damping. Fig. 2-2 a plots lincar elastic response spectra for
the Beverly Hills (279 deg) station, 1994 Northridge earthquake, for viscous damping ratios
of 0.05, 0.10, and 0.20. Fig. 2-2 b plots the same response spectra, this time plotting pairs of
-acceleration and displacement points for a given period. This latter form of response spectrum
has the advantage of showing how change in period or damping affects both the linear
acceleration and displacement spectral demands.

mass, M

damper
structural stiffness, K

CLRLLLUEEERRRTRTRRRSSSSS

AL L L SIS

jIdin e (b} idealized SDOF system

Fig. 2.1: Building system idealized as equivalent single-degree-of-freedom system

Response spectra such as those in Fig. 2-2 demonstrate important information regarding
system performance. For example, for the motion represented in Fig. 2-2 a, a building with
vibration period of 1 sec and effective damping ratio of 0.05 has spectral acceleration of
nearly 1g. Most existing buildings have base shear strengths considerably less than the
building weight; thercfore, inelastic response can be anticipated. An outcome of inelastic
response is that the building base shear is limited by the strength of the building under lateral
loading rather than being determined by the linear spectral ordinates. Studies of inelastic
response of oscillators show that, for “long” periods, the average peak displacement for
inelastic response is approximately equal to that for elastic response. On the basis of this
equal-displacement rule, the relative displacement indicated in Fig. 2-2 for the same building
is nearly 0.25m. If the building in question is five storeys tall with effective height near 15m,
the expected drift ratio is 0.25m/15m = 0.017. Laboratory studies and experience with
earthquakes indicate that drift ratio this high is quite likely to correspond to significant
inelastic response.

Earthquake ground motions commonly have jagged response spectra similar in nature to
those shown in Fig. 2-2, though the details will change from one record to another. It is
impossible with current technology to predict the jagged details of spectra for a future
earthquake. For design purposes, an alternative approach is to use smoothed design spectra
based on the average of spectra for ground motions that are representative of the hazard level
at a site. Figure 2-3 shows smoothed response spectra derived using approaches published by
the Structural Engineers Association of California (SEAOC 1999).

Smoothed design response spectra can be used to guide decisions about retrofitting.
Procedures that increase damping will reduce both the spectral acceleration and spectral
displacement demands (this is assuming that the retrofit measure does not modify the mass or
stiffness appreciably). Procedures that stiffen a building (decrease the period) tend to reduce
displacement demands and thereby can protect drift-sensitive building components. Although

6 2. Performance objectives and system considerations
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period reduction may result in an increase in the spectral acceleration, this indication is
somewhat misleading; it should be remembered that the response is likely to be inelastic for
most structures requiring rehabilitation, so internal forces are limited by the structural strength
and not determined directly by the linear acceleration response spectrum ordinates.
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Fig. 2-2: Linear elastic response spectra for Beverly Hills, 279 deg, 1994 Northridge earthquake. Records from
the PEER strong ground motion database. (u) Absolute acceleration and relative displacement
spectra. (b) Response spectra plotted as acceleration - displacement pairs
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Fig. 2-3: Smoothed design response spectra

2.1.2.2  Multi-degree-of-freedom systems

Insights from study of SDOF oscillators can be applied to understand the behaviour of
buildings, which being three-dimensional systems are always multi-degree-of-freedom
(MDOF) systems. The majority of buildings that are retrofitted are relatively low-rise systems
for which displacement response is dominated by the lowest translational vibration modes.
For such buildings, estimates of displacement response for SDOF oscillators can be extended
to estimate the overall building drift in each principal direction. A primary concern then is to
identify how the drifts are distributed over height.

Figure 2-4 illustrates qualitatively the distribution of drift over height for four common

_systems. Where walls provide primary lateral force resistance, intcrstorey drifts tend to be
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relatively higher in the upper floors. A common exception for wall buildings is where the wall
foundation is insufficient to prevent rocking, in which case the drifts are likely to be
somewhat more uniformly distributed over height. Where frames provide primary lateral
force resistance, interstorey drifts tend to be largest in the lower floors and decrease over
height. Systems with soft or weak storeys tend to have concentrated drift in the weak or soft
storey. The storeys with higher interstorey drifts will tend to have greater damage for most
common reinforced concrete framing systems.

Response of buildings may involve significant torsional action in cases where centers of
resistance and mass are significantly askew. A common situation for existing buildings is at
the corner of a city block, where two adjacent sides of the building at the inside of the block
have rigid walls for fire and sound proofing while street-side fa_ades are relatively open and
flexible. The resulting torsional action increases displacement demands in the components
located furthest from the center of resistance. Resulting damage to those components may
weaken them and exacerbate the torsional response. Assessment of existing building
performance always should consider three-dimensional aspects related to torsional response.

Figure 2-5 illustrates one example of this type of failure. In that example, there is a plan
imbalance between seismic resistance and seismic demand, resulting in torsional response. As
the structure translates and twists, the parts of the structurc furthest from the center of
resistance experience the largest drifts. Those outer portions of the structure may be
inherently weaker, and as they arc subjected to increased demands they may sustain
exaggerated damage that further weakens them. The spiraling increase in deformations and
damage may lcad to premature failure of those parts of the building located furthest from the
center of resistance.

bullding system displaced sh
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Fig. 2-4: Distribution of drift over height for typical lateral force resisting systems

Mass center . Center of
Open frames : resistance
prone to larger
deformations

and damage

Rigid
walls

Fig. 2-5: Torsional action on a building where centers of mass and resistance do not match

2.1.3 Localized failure modes

A prevailing philosophy for conventional reinforced concrete construction is to avoid
concentrations of deformations and damage in localized areas. The reason is that, if damage is
concentrated in a localized portion of a structure, the deformation demands may prematurely
exceed the deformation capacities, resulting in failures that can lead to overall poor system
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behaviour. As described in Section 2.2, the earthquake reconnaissance literature 1s replete
with examples of poor performance where this philosophy was not implemented. .

In moment-resisting frame buildings this philosophy emphasizes avoiding excessively
weak storeys in which inelastic action concentrates in the columns of that storey. Figure 2-6
illustrates three idealized yielding mechanisms for frames. Case A is the least desirable in that
all inelastic action occurs in a single weak storey; even if the columns are well detailed this
action can result in poor performance because of the large deformations and P-delta actions
that may be imposed on the columns during strong ground shaking. This behaviour tends to
occur when the column strengths are less than the beam strengths. Case B ideally is the most
desirable mechanism in that yielding is well distributed over height and no single component
or storey absorbs the brunt of the earthquake demand. To achieve this condition generglly
requires an unrealistically high column-to-beam strength ratio, so it is uncommon. The yield
mechanism of case C tends to predominate if the columns are marginally stronger than the
beams; this case is normally acceptable for frame performance.

£k R A R - ARG RS
A - Single Story Mechanism 8B - Full Beam Yield Mechanism

Fig. 2-6: Idealized yield mechanisms for moment-resisting frames
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Fig. 2-7: Captive columns

Figure 2.7 illustrates a condition in which architectural concrete or masonry infill elements
stiffen and strengthen the beams while restraining deformations of the columns effectively to
the clear height between infills. This condition is relatively common in older construction.
The shortened columns, commonly referred to as captive columns, may be prone to shear
failure before or shortly after development of column flexural strengths, resulting in a
relatively brittle weak storey mechanism.

Localized failure modes can occur in buildings with structural walls as well. Figure 2-8
illustrates two possible conditions. In case A, a wall extends from the foundation to a lower or
intermediate level of the building. If the wall is very stiff relative to the frame, this can create
a weak/soft storey just above the discontinuous wall, with resulting damage concentration in
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the frame. Case B illustrates a case where the wall is placed in every storey except the first
storey, as may occur in mixed construction where open spaces are required in the lower floors
but room/building partitions are required above. Moments developed in the wall under
earthquake loading are transferred to isolated frame columns below the discontinuous wall.
These columns may have inadequate axial load capacity, resulting in axial failures as
illustrated in the figure.
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Fig. 2-8: Discontinuous walls

2.14 Load paths in structural systems

Dynamic response of structures results in inertial forces that must be equilibrated by a
three-dimensional load path through the structural system. Weak and brittle elements along
the load path can disrupt the flow of forces and result in failure of the structural system. A
structural assessment should address the continuity and strength of the load path from points
of force development down to the foundation.

Fig. 2-9: Load path in idealized structure

Figure 2-9 illustrates a partial load path in an idealized structure. Inertial force generated
by the fourth floor mass is shown by the arrow oriented from A to B. The diaphragm at that
level carries the load to structural walls at points C and D. The floor diaphragm requires
adequate collectors and struts to transfer the load to the walls, and also requires adequate
shear and flexural strength to span from C to D. The wall at E carries load through shear and
bending down to level 2 where the wall in this example is discontinuous. Columns supporting
the wall at F and G are required to support axial forces associated with vertical load and
overturning moment. The floor diaphragm at level 2 must transfer diaphragm forces
introduced by wall E primarily along path H, and the diaphragm at that level needs to have
adequate strength for the associated shear, bending, and force transfer. Wall I transfers load
through shear and bending to the foundation level Gr, which in turn is required to be adequate
for axial tension and compression actions at J and K, as well as shear forces at L.
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Brittle failure of any of the components of the load path can result in poor seismic
performance of the overall system. Assessment of the structure should aim to recognize any
such deficiencies, and the retrofit should aim to reduce them.

2.1.5 Ductility and deformability requirements

Discussion in Section 2.1.2.1 noted that carthquake demands might exceed reasonable
strength capacities of existing structures. Whether inelastic response occurs depends both on
the intensity of ground shaking and the properties of the structure. No attempt is made here to
quantify the degree of inelastic response, but, on a qualitative level, it is well accepted that
inelastic response routinely can be expected during moderate to strong ground shaking for
most conventional structures. Furthermore, all other things being equal, the degree of inelastic
response in the entire system will tend to increase as the structure strength decreases, and the
degree in selected individual components will tend to increase as the response becomes more
irregular owing to torsion, soft or weak storeys, and incomplete load paths.

The engineer also should recognize that not only the primary lateral-force-resisting system
but also the entire building system must be capable of deforming under earthquake actions
while maintaining required performance. In relation to the idealized structure in Fig. 2-9, it is
well recognized that wall I must be detailed to enable it to undergo deformation/ductility
demands imposed by the earthquake. Equally important from a structural performance and
life safety perspective, the adjacent columns, which may be viewed as being only gravity-
load-carrying elements, must be capable of deforming along with wall I without losing their
capacity to support gravity loads. Likewise, the nonstructural components of the building
need to be checked for adequate safety and functionality as they deform with the structure to
which they are likely attached.

Subsequent chapters will describe in detail the inelastic deformation capabilities of
reinforced concrete components typical of older existing construction. They will illustrate
how failure in axial compression, shear, and bond often are relatively brittle in nature,
especially with details common in older construction. They also will describe how ductility
can be enhanced by reducing shear and axial actions, increasing transverse reinforcement and
locating splices away from zones of repeatedly high stress. The same observations also will
be apparent in Section 2.2, which describes experiences in the performance of buildings
during past earthquakes.

2.2 Performance of vulnerable buildings in earthquakes

The general study of history presumably is driven not so much by a preoccupation with
the past, as it is by a desire to learn from our past mistakes so that we might avoid them in the
future. So it is with earthquake reconnaissance, which serves to establish a historic record of
what worked well in past earthquakes, as well as what did not. Some of reconnaissance
reports are listed in Appendix. More so than any laboratory or analytical study, the lessons
from past earthquakes have resonated with practice professionals and led to rapid
advancement of building regulations that provide greater and more reliable protection.

Observations of past earthquakes have led to the conclusion, contrary to prevalent building
code emphasis, that the lateral load strength of the building is not an adequate single index to
represent the safety of a building. The earthquake response of a building is influenced by
characteristics of earthquake motion, structural configuration, dynamic properties, lateral
strength, deformation capability of constituent members, foundation, soil-structure
interaction, quality of workmanship, structure age and maintenance, and loading history
(Moehle and Mahin 1991). Furthermore, the impact of each of these characteristics will vary
depending on whether the acceptable performance is for continued use and function of the
building, prevention of collapse, or any performance level or range between these extremes.

This section identifies examples of structural failure caused by poor planning of structural
systems, poor detailing, or inadequate implementation or maintenance of critical details. The
section begins by consideration of system aspects and concludes by consideration of
component aspects. The division is somewhat arbitrary in some parts, but convenient for
presentation and understanding.
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2.2.1 System aspects

Failure of a reinforced concrete building is normally initiated by the failure of vertical
load carrying members at relatively small deformation. As described in Section 2.1.3, it is
generally desired to avoid the concentration of structural deformation to limited localities or
members, because RC members with conventional details do not have large deformation
capacity. Furthermore, brittle modes of failure should be prevented in vertical load carrying
members by the application of design requirements and reinforcement detailing.

2.2.1.1  Lack of strength and deformation capacity

Failure of a structure during a strong earthquake motion occurs when the deformation
capacity is reached, normally by failure of vertical load carrying members, before or after
formation of the plastic mechanism under lateral loading, or when the second order (P-delta)
effect causes instability after a significant deformation. Numerous failures after earthquakes
have demonstrated the collapse of buildings by reaching the strength and deformation
capacity.

The ability of a structure to withstand given earthquake shaking depends on a complex
interrelation between the ground motion, the building resistance in terms of stiffness and
strength, and the building deformability. Some aspects of this interaction are described in
Section 2.1. This complex relation commonly is simplified for design and assessment
purposes into the dictum that a building with low deformation capacity requires high stiffness
and strength while one with larger deformation capacity can perform well with lower stiffness
and strength.

Recent performance-based seismic engineering requires, for some types of buildings, the
prevention of damage from frequent earthquake motions in addition to the traditional goal of
providing safety in rare events. The structural damage of a building with high building
resistance (stiffness and strength) is likely to be smaller than that of a building with low
resistance, regardless of the deformation capacity. Therefore, a certain minimum resistance is
desired where enhanced performance is sought for frequent events.

2.2.1.2  Vertical irregularities

One of the more common risky conditions of a building has been noted where the stiffness
and associated strength are abruptly reduced in a storey along the height (Figs. 2-6, 2-8, 2-9).
Earthquake-induced deformations tend to concentrate at the flexible and/or weak storey. If
such a soft storey consists of less-ductile columns, the damage often leads to collapse of the
storey.

Photo 2-1 shows damage to the Imperial County Services Building after the 1979 Imperial
Valley earthquake. The end walls in the building were discontinued in the first storey. Interior
walls and the floor diaphragm connecting those walls to the end walls provided an adequate
storey shear load path, but overturning moments under the end walls led to column failures.
The failure was made more likely by detailing of the columns — closely spaced hoop
reinforcement required by the code had been buried underground beneath the slab on grade,
resulting in large demands above gradc where details were inadequate.

Soft/weak first storeys are especially common in multi-storey residential buildings in
urban areas, in which case the first storey often is used for open space, commercial facilities,
or garages. Structural walls that separate residential units in levels above commonly may be
discontinued in the ground storey to meet the change in use, resulting in a soft/weak storey
there. Similar conditions are not uncommon in commercial buildings. The ground-storey
columns during strong earthquake shaking must resist a large base shear, inevitably leading to
large storey drift concentrated in that storey. If the ground-storey columns have not been well
detailed, or if the axial forces are large, the columns may be unable to follow the large storey
drift without failure. Furthermore, it should be noted that exterior columns may be subjected
to large variation of axial forces induced by overturning moment of lateral forces acting on a
building. This additional axial force further reduces the deformation capacity of the columns.
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Photo 2-2 shows the Olive View Hospital after the 1971 San Fernando earthquake in
California — discontinuous walls resulted in large lateral drifts in the ground storey. Other
examples from the 1995 Kobe earthquake, Japan and the 1995 earthquake in Aegion, Greece,
are shown in Photo 2-3. .

Middle storey collapses (Photo 2-4) have becn observed in relatively old construction,
where the code requirement about shear reinforcement was not sufficient to prevent brittle
shear failure. A relatively brittle failure of a column and accompanying loss of lateral and
vertical load resistance redistributed forces to other columns and caused successive failure of
columns in the storey. Similar failures were not observed in newer buildings, apparently
because of improved detailing of columns to delay shear failure. Upper storey failures also
have been observed in older steel-reinforced-concrete buildings in which structural steel
sections were discontinued in an upper storey. The reduction on resistance apparently resulted
in increased demands and subsequent member failures above the point of discontinuity.

Another form of vertical discontinuity occurs with setback buildings, in which the
structural width is reduced toward the top of the building. Such configuration can tend to
excite the second mode of vibration during an earthquake and cause large deformation just
above the setback (Photo 2-5). Large diaphragm transfer forces can exist at the setback level,
as lateral forces accumulated in upper levels are transferred through the floor diaphragm to
adjacent frames below. An extreme example of setback building is where a small appendage,
such as a penthouse, occurs at the upper levels of the building. In this case, it is possible that
the base of the building will provide input to the appendage, which, if in resonance with the
base, can be set into exaggerated amplitudes of motion.

2.2.1.3  Horizontal irregularities

The eccentricity between the centres of mass and resistance causes torsional vibration
during an earthquake and results in larger damage in members away from the centre of
resistance (that is, on the “flexible side”). This problem is especially common in buildings at
the corner of a block, where common walls at the back of the building provide large resistance
while the street sides provide less resistance (Fig. 2-5 and Photo 2-6). Another example
occurs in office buildings in which an elevator hall surrounded by structural walls may be
placed on one-side of the floor to leave large open office area in the remainder of the floor
(Photo 2-7). In designing a retrofit for a torsionally sensitive structure, an objective should be
to balance the resistance and mass and provide substantial torsional resistance for accidental
torsional effects.

22.14 Inadequate diaphragms

Structural diaphragms are required to span between vertical elements of the lateral force-
resisting system, and thus transfer forces in the horizontal plane (Fig. 2-9). Buildings having
diaphragms that span large distances between vertical elements of the lateral force-resisting
system may become overstressed in moment or shear, leading to inelastic behaviour in the
diaphragm. Such inelastic behaviour normally is not considered in the design of a structural
system and can lead to unintended system behaviour. Failures of precast diaphragms with
cast-in-place topping slabs were observed in precast parking structures after the 1994
Northridge earthquake (Photo 2-8). The diaphragms were weaker than the vertical elements of
the lateral force-resisting system, making them the weak link of the system. Contributing to
the failures were the thin topping slabs compounded by the long spans between vertical
elements of the system. Where vertical elements of the lateral force-resisting system are
discontinuous, for example, in setback buildings, diaphragms also must serve to transmit
forces from one vertical plane of the building to the other ncar the discontinuity.

2.2,1.5 Secondary (gravity) framing

A common practice in some regions is to designate some parts of the structural system as
being part of the primary lateral force-resisting system, with other parts designated as
secondary or gravity-only elements. In the extreme, only a few elements are designated as
being lateral force-resisting, with the majority of the system designated as sccondary. In many
cases, these secondary systems have not been adequately proportioned and detailed to sustain
the deformations that are imposed when the building sways during an earthquake. Several
examples of failures of this type of system were observed in the 1994 Northridge earthquake.
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2.2.1.10 Inadequate stiffness and resulting damage to nonstructural elements

Protection of building function in minor and frequent earthquakes may be an important
performance objective. To maintain reasonable functionality, adequate performance of
nonstructural or architectural elements in addition to structural elements must be assured.
Experience demonstrates that residents of a building may be frightened by the damage of non-
structural elements, such as partitions, windows, doors and mechanical facilities (Photo 2-14
left). In such cases, the building may not be occupied until the damaged nonstructural
elements are repaired or replaced. The cost of repair work is often governed by replacement
of the damaged nonstructural elements, rather than repair work on structural elements. Non-
structural elements must be protected from damage to reduce financial burden on the owner.

Nonstructural elements must be also protected from damage, as damaged elements may
create a falling hazard for people in, or escaping from, the building (Photo 2-14 right).
Furthermore, fallen elements may block evacuation routes in a severely damaged building.
Consideration also might be given to nonstructural elements such as doors, which may
become locked in position after an earthquake, owing to residual deformations of the
structure.

The damage level of structural and non-structural elements is known to be closely related
to storey drift (inter-storey deformation) of a building. A number of damage investigations
reported the effectiveness of structural walls in reducing the damage in structural members as
well as nonstructural elements. Controlling inter-storey drift by the use of structural walls, or
improving connection and bracing systems for nonstructural elements, can improve
nonstructural element performance. 4

Stiff, weak and brittle brick walls, filled in a flexible moment-resisting frame, may fail at
an early stage even during medium-intensity earthquakes. Providing some gap on both side of
a column could reduce such damage, provided that infills are secured against overturning in
the out-of-plane direction.

The response (acceleration or velocity) of a structure must be controlled to prevent heavy
furniture and equipment from overturning on the floor and heavy equipment from falling from
shelves. Alternatively, the contents of a building should be properly fastened to the structure.

2.2.1.11 Foundation inadequacies

The failure of foundation is caused by: a) liquefaction (Photo 2-15) and loss of bearing or
tension capacity, b) liquefaction and spreading, c) fault rupture (Photo 2-16), d) compaction of
soils (Photo 2-17), and e) differential settlement at cut and fill locations. Liquefaction of soil
causes large deformation demand on pile foundations. Failure of piles was reported after the
1995 Hyogo-ken Nanbu (Kobe) Earthquake. The cost of repair work is extremely high, if
failure occurs in the foundation. However, experience suggests that foundation failure
normally does not pose a life-safety thrcat. Exceptions include overturning failures due to soil
liquefaction or other generally rare behaviours, and failure of adjacent gravity-load-carrying
elements due to excessive drift resulting from foundations that provide inadequate rocking
restraint to walls or braced frames.

2.2.2 Component aspects

Failure types of members may be different for columns, beams, walls and beam-column
joints. It is important to consider the consequence of member failure to the structural
performance. In this part, the failure of members is described according to failure modes,
placing emphasis on columns as column failure may lead to total collapse of a building.

2.2.2.1  Flexural failure of columns

The deformation capacity of a column in flexure is influenced by the level of axial force in
the column and the amount of lateral reinforcement provided in the region of plastic
deformation. Exterior columns, especially corner ones, are subjected to varying axial force
due to the overturning moment of a structure. The axial force level in these columns may
become extremely high in compression, leading to flexural compression failure followed
potentially by the loss of gravity load carrying capacity. It is often difficult to distinguish
shear compression failure and flexural compression failure, as both failures takes place near

“the column ends and involves concrete crushing (Photo 2-18).
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 Abuilding seldom falls due to the P — A effect after excessive deformation. A rare example
is shown in Photo 2-19, in which yielding hinges formed at the ends of columns. The collapse
of this typc may occur in a building with slender columns.

2.2.2.2  Shear failure of columns

The most brittle mode of member failure is shear. Shear failure is caused by the lack of
lateral reinforcement (size, spacing and strength of shear reinforcement). Photo 2-20 shows
the shear failure caused by the use of small diameter shear reinforcement at wide spacing. The
tensile stresses carried by the concrete before onset of significant shear cracking cannot be
resisted by shear reinforcement once shear cracks open, leading to diagonal tension failure.
The spacing of shear reinforcement should be sufficiently narrow so that at least one or two
ties or stirrups should cross a shear crack (Photo 2-21). Closer spacing may be necessary in
cases where shear forces are relatively high.

The ends of rectilinear lateral reinforcement should be anchored in the core concrete with
a bend of at least 135°, or they should be welded together. The ends of lateral reinforcement
was not properly bent in old construction, leading to shear failure of columns by pull-out of
lateral reinforcement from the anchorage zone (Photo 2-22 left).

When a reinforcing bar is bent, permanent plastic deformation takes place at the bent and
the region becomes less ductile. Fracture of reinforcement is observed especially when the
stcel does not develop high toughness and ductility before fracture (Photo 2-22 right).

Nonstructural elements commonly are neglected in modeling and analysis for design
calculations, but are placed for the purpose of guilding function, for example, partition walls.
When stiff and strong nonstructural elements are placed in contact with structural elements,
the interaction can result in nonstructural and structural element damage. Photo 2-23 shows a
casc in which concrete nonstructural walls reduced the deformable length of columns, leading
to shear failure of the captive column.

2223 Bond splitting failure

The bond stress acting on deformed bars cause ring tension to the surrounding concrete.
High flexural bond stresscs may exist in members with stecp moment gradients along their
lengths. If the longitudinal reinforcement of a beam or column is not supported by closely
spaced stirrups or ties, splitting cracks may develop along the longitudinal reinforcement,
especially when the strength of concrete is low (Photo 2-24), when large diameter
longitudinal bars with high strength arc used, or when the concrete cover on the deformed
bars is thin. These splitting cracks result in loss of bond stress, weakening the column and
potentially resulting in various system failures that can be associated with weak storey
systems (Section 2.1.1.2). '

2224  Splice failure of longitudinal reinforcement

Longitudinal reinforcement is spliced in various ways, including lap spliccs, mechanical
splices, welded splices, and others. Splices are best located in a region where tensile stress is
low. However, splices in older buildings commonly were located in regions of higher stress as
a matter of convenience and because the implications for earthquake performance were
inadequately understood. Examples of failurc of welded splice and lap splices are shown in
Photo 2-25. :

2.2.2.5 Anchorage failure

The force in the longitudinal reinforcement in beams and columns must be anchored
within a beam-column connection. Connections of older building construction may be without
joint transverse reinforcement, in which case the column and beam reinforcement is anchored
in essentially plain concrete.' The resulting high anchorage bond stresses may cause bond
splitting failure (Photo 2-26 Left). If the beam longitudinal reinforcement is not fully
anchored in a beam-column joint, for example with a hook, the bar may pull out from the
joint (Photo 2-26 Right). A common example of inadequate embedment occurs with beam
bottom reinforcement that may be embedded a short distance into the beam-column joint.
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otherwisc reducing the earthquake input. As shown in Section 2.1.2.1, increasing stiffness
tends to reduce deformation demands. The strategy is illustrated in Fig. 2-10.

Base 4 l—— displacement demand
Shear of retrofitted structure
retrofitted
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capacity of existing
components
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Roof Displacement
'Fig. 2-10: Strategy to protect brittle structural components by increasing stiffness and reducing drift

2.3.1.1 Increasing lateral stiffness and strength

The lateral stiffness can be increased by placement of structural walls, steel bracing, or
new moment frames. This method is effective when the structure has many existing structural
members known to fail at a small lateral deflection, such as existing columns whose details
are insufficient to prevent shear failure at a small lateral deflection. Column jacketing in this
case can be very expensive and disruptive to building function. In contrast, it may be possible
to introduce new lateral bracing elements around the perimeter of the building, minimizing
intrusion in the building interior. This solution also can be effective to reduce the likelihood of
pounding between adjacent buildings, or to improve functionality of buildings with drift-
sensitive structural and nonstructural components.

In designing new bracing systcms for an existing building, care must be taken to produce a
final design that is structurally well balanced in plan and regular in height. In fact, one
advantage of adding new bracing systems is that existing plan or vertical irregularities can be
effectively reduced. In many buildings, architectural and functional requirements may restrict
where new bracing elements are located. Good communications between building owner and
engineer are important so that functional and structural requirements can both be achieved. If
the rehabilitation work is carried out in several phases due to a financial reasons or continued
use of the building, the placement of bracing systems must be carefully planned to minimize
eccentricity in stiffness in plan during the retrofit work.

Some new bracing systems introduce considerable new weight into the building. The
foundation must be examined to avoid overstress by the addition of dead loads associated
with the rehabilitation work. Stcel bracing sometimes is found preferable to structural walls
because of their lower weight.

Structural stiffening by addition of bracing elements may attract larger seismic forces into
a building during an earthquake, but it normally adds strength to the building to resist the
additional forces. Load paths must be examined to ecnsure that seismic inertial forces
developed within the retrofitted building can reach the new bracing elements and be carried
by those elements to the foundation. Existing diaphragms may require strengthening,
commonly by addition of new collectors. If existing columns are used as boundary elements
of new walls or braces, the adequacy of existing reinforcement splices needs to be checked.
The capacity of the foundation to resist shear and especially overturning actions introduced by
the new elements also must be cheécked. Foundations may need to be strengthened by addition
of new footings or picrs. An alternative strategy is to add large grade beams to spread
overturning actions to adjacent columns that can resist overturning actions through the gravity
loads that they carry.

2.3.1.2  Seismic isolation

Seismic isolation involves the insertion of flexible or sliding bearings at one level of a
building, typically though not always at the foundation level. The bearings reduce the stiffness
of the system at that level, and thereby limit the seismic forces that can be introduced into the
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building. This approach can be highly effective in protecting brittle structural elements as well
as acceleration-sensitive building contents. System displacements may increase associated
with the increase in period, but the displacements are concentrated in the bearings and
therefore do not adversely affect the drift-sensitive components of the building. Seismic
isolation has become especially popular for buildings of historic significance not only because
of the seismic protection provided by isolation but also because isolation retrofit can be
implemented without significant disturbance of the historic architectural featurcs.

For the isolation devices to be effective, the period of vibration must be shifted to the
descending part of the acceleration spectrum. For this reason, light structures may not be
suited for the rehabilitation with isolation devices. Also, widely available isolation devices
cannot resist high tension forces. Therefore, isolation devices have limited application for
slender structures where overturning actions can be high.

The installation of seismic isolators into an existing structure requires careful construction
planning, as the existing structure needs to be supported while the isolation devices are
inserted. Often the insertion of isolation devices at the foundation level will require extensive
new construction work to provide an appropriate interface between the structure and the
isolation devices. It is important that piping systems and elevator shafts should be able to
follow the large deformations anticipated at the level of isolation devices.

2.3.13  Encrgy dissipation devices

Energy dissipation devices can be inserted in an existing structure to reduce dynamic
response through increased damping. Different types of energy dissipating devices such as
visco-elastic fluid dampers, visco-elastic solid dampers, hysteretic energy dissipating dampers
and friction dampers have been used in seismic retrofitting. The devices usually are mounted
on supplementary vertical braced frames, which results also in an increase in stiffness of the
building system.

It should be noted that hysteretic energy dissipating devices become effective in
dissipating energy after the devices are deformed beyond their yield deformation. Therefore,
the yield deformation must be much smaller than the deformation capacity of structural
members. If existing members fail in brittle modes at small deformation, such energy
dissipation devices may be ineffective.

2.3.1.4 Mass reduction

Mass reduction can be an effective retrofitting technique for some existing buildings. By
reducing effective mass, the vibration period of the structure is shortened, inertial forces are
reduced, and displacement demands are reduced. Mass reduction can be achieved by
removing heavy nonstructural elements (such as cladding, water tanks, heavy contents such as
equipment and storage, and soil used as part of landscape architectural features.) In the
extreme, mass reduction can involve the removal of one or morc storeys in the existing
building. Althiough mass reduction can be a very effective technique in some cases, in most
cases it is of marginal value.

232 Increasing deformation capacity

As described in Section 2.3.1, performance of existing buildings is limited by the poor
deformation capacity of relatively brittle older construction. Several techniques exist for
decreasing deformation demands, such as adding additional stiffness or using seismic
isolation or energy dissipating devices as described previously. Sometimes these techniques
are unsuitable to the building function or they may be structurally ineffective. In such cases,
various approaches for increasing deformation capacity may be an attractive. Figure 2-11
illustrates the strategy of increasing deformation capacity. In the case shown, deformation
capacity is increased without appreciably modifying overall system stiffness or strength.
Therefore, displacement demands of the earthquake are not changed. In some cases it will be
appropriate both to increase deformation capacity and to modify demands using one of the
procedures identified in Section 2.3.1.
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Figure 2.11 — Strategy of increasing deformation capacity

The deformation capacity of structural members can be increased by shifting brittle failure
modes to ductile failure modes; e.g., a column may be jacketed by concrete or steel plates, or
wrapped by FRP (fibre reinforced plastic) sheets to increase shear resistance, or a captive
column may be separated from adjacent spandrel walls to lengthen deformable height of the
column. Detailed approaches are described in other chapters of this report.

A structural member can fail in a variety of different modes, but it fails in the mode having
lowest strength under seismic loading. Normally, an undesirable failure mode is avoided by
strengthening the member against failure in that mode. An alternative approach is to lower the
strength of some desired mode so that the desired mode becomes the weak link in the system.
For example, a captive column having spandrel walls on both sides may be susceptible to
brittle failure because the stiff captive column attracts large lateral force and the short length
makes it prone to shear failure before flexural yield. By weakening the spandrel beams
(severing reinforcement or cutting slots between the spandrel and the column) the yielding
mode may be transformed to ductile spandrel or column flexural yielding.

233 System completion

Some existing buildings will be found to have most of the ingredients of an adequate
lateral-force-resisting system, including vertical bracing elements, structural diaphragms, and
vertical-load-bearing clements with adequate lateral deformation capacity, but they may be
lacking some details to complete the load path. Seismic retrofit in these cases may be limited
to providing the missing connectivity or force-transfer capacity. In other cases, these
connectivity or force-transfer inadequacies will be coupled with other system needs such as
described in Sections 2.3.1 and 2.3.2, in which case a more comprehensive retrofit may be
required.

A common shortcoming of existing buildings is inadequate chords, collectors, and drags in
existing diaphragms. New components can be added by jacketing existing floor beams or
slabs or by adding flush-mounted steel straps or plates.

Precast concrete buildings often require modifications to improve seat bearing widths and
otherwise tie the precast elements together.

Buildings with vertical irregularities such as discontinuous structural walls may require
more significant modifications to complete the lateral-force-resisting system, such as
jacketing columns supporting discontinuous walls, or constructing new walls to complete the
discontinuous elements.

2.4 Performance levels and objectives

Recent advances in computational software and hardware, new information on earthquake
hazards and structural behaviour, and new thinking about earthquake performance have
encouraged development of performance-based seismic assessment and retrofitting methods.
These methods aim to guide design decisions on the basis of anticipated performance,
balancing short-term costs and disruption against the calculable benefits of retrofitting. While
prescriptive procedures continue to play a role, performance-based approaches appear to have
improved decision-making about seismic retrofitting, potentially resulting in more reliable
and cost-effective retrofit decisions.
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Several important performance-based design guidelines and codes provide sources of
reference for performance-based seismic retrofitting. Among these are various guidelines for
seismic design and retrofitting of buildings (ATC, 1996, FEMA, 1997). In 2000 the Japan
Building Standard Law was the first to introduce performance-based design in a legal
document governing building design and construction (Otani, et al., 2002).

In the lexicon of performance-based earthquake enginecring, the term performance level
has come to mean the physical condition of the building, its ability to function and protect
occupants and contents, and cost impacts of functionality loss and repair or replacement. The
term performance objective expresses what performance levels are expected to be satisfied
given the occurrence of a specific event or given the passage of a specified period of time. As
an example, an owner may select a performance objective that the structure will be heavily
damaged but not collapse during earthquake shaking intensity corresponding to a rare
earthquake. ,

It has long been believed that it is not cconomically feasible to design a building to remain
undamaged under intense ground motions. Recognizing this, engineers have long adopted
performance objectives that accept the possibility of damage for severe levels of shaking.
Since the 1960s, the Structural Engineers Association of California (SEAOC 1968) has
adopted the structures designed in conformance with their recommendations “should, in
general be able to: ‘

1. Resist a minor level of earthquake ground motion without damage.

2. Resist a moderate level of earthquake ground motion without structural damage, but

possibly experience some nonstructural damage.

3. Resist a major level of earthquake ground motion having an intensity equal to the
strongest either experienced or forecast for the building site, without collapse, but
possibly with some structural as well as nonstructural damage.”

The concept of rehabilitation objectives, performance levels and seismic hazard levels
have been well developed in the 1997 NEHRP Guidelines for Seismic Rehabilitation of
Existing Buildings (BSSC, 1998), as described in more detail in Chapter 3 of this report. The
following text introduces concepts and expectations regarding performance levels and
performance objectives for seismic rehabilitation of buildings.

24.1 Performance levels

Building performance can be described by the extent of damage sustained by the building,
which influences the safety of building occupants during and after the event; the cost and
feasibility of restoring the building to pre-earthquake condition; the length of time the
building is removed from service to effect repairs;, and economic, architectural, and historic
impacts on the larger community. Building performance is a combination of the performance
of the structure, the nonstructural elements and systems, and the contents. Structural
performance usually is the primary consideration for seismic rehabilitation because of the
potentially extreme consequences of structural failure on occupant safety. An alternative
approach is to select life safety performance level for the structural system, and a hazards-
mitigated approach involving anchoring heavy items for the nonstructural components
(FEMA, 1997). In special circumstances, such as critical facilities or facilities where
financial solvency depends on continued operations, retrofitting of structural and
nonstructural components for enhanced performance is considered.

A wide range of performance can be targeted in building retrofit design, ranging from
damage onset to collapse. Intermediate performance levels that commonly are targeted in
performance-based design are operational, immediate occupancy, repairable, and life safe.
Each of these terms may be applied separately to the structural and nonstructural parts of the
building, or the structural and nonstructural performance levels can be combined to express
building performance levels.

Figure 2-12 identifies approximate positions of these performance levels for a building
having relatively strong, brittle behaviour and for a building having less strong but ductile
behaviour. The positions shown are intended to be illustrative only; actual points
corresponding to performance of a specific building will depend on the details of that
building. The following text describes each of the performance points as they relate to
structural and nonstructural building parts.
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Fig. 2-12: Illustration of possible locations of performance levels for different structures

The six performance levels have definitions below:

Damage onset — This performance level corresponds to a state in which damage requiring
repair initiates in cither the structural or nonstructural systems. Some damage may be
acceptable up to this state, but the damage should be such that it does not require repair for
aesthetic, functional, or safety reasons. For ductile structures, this limit may occur sometime
around or after the onset of yielding and be apparent in residual cracks. For more brittle
structures, this damage state may occur at higher force levels and may be associated with
damage to nonstructural components because of earthquake-induced accelerations.

Operational — A building meeting this performance level is expected to sustain little or no
damage to the structural or nonstructural systems. The building is suitable for its original
occupancy and use with minimal disruption required for repair or restoration. This
performance level assumes that power, water, transportation, and other systems external to the
building either are available to support the building function or else supplementary sources
are provided in the building. This performance level also assumes that the degree of damage
does not require intrusive repair that would indirectly disrupt the function of the facility. The
ability to perform repair work “after working hours” may need to be considered in defining
this performance level. For a ductile structure this performance point probably is beyond the
point of overall structural yielding, and may be associated with structural or nonstructural
repairs. For a stronger structure, this limit may well be controlled by nonstructural and
contents performance.

Immediate Occupancy — Buildings at this performance level are expected to have minor
to no damage to structural components with only minor damage to the nonstructural
components and systems. While the building can be occupied soon after the earthquake, its
function may be impaired until cleanup is completed and power and other systems are
restored. It is expected that the degree of structural damage is fully repairable, and that the
ability to sustain aftershocks or future earthquakes is not impaired. The risk to life safety
during the earthquake should be minimal.

The preceding paragraph defines this performance level in terms of the building being
sufficiently functional and comfortable for occupancy. An alternative definition is that the
building is safe for occupancy, in that the degree of damage has not impaired its ability to
resist aftershocks and future earthquakes. This latter definition envisions significantly more
damage than does the earlier definition.

Repairable — Ductile buildings at this performance level have been damaged and will
require repair to provide future safety, occupancy, and function. Furthermore, the repair is
economically and physically feasible. While this performance level does not directly address
life safety, in general it is expected that buildings performing at this level will provide
substantial life safety. Because brittle structures do not sustain significant inelastic
deformation before onset of serious and perhaps irreparable damage, this point may well lie
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below the strength capacity of the system.

Repairability is recognized to be an important limit state in determining the rehabilitation
strategy. The cost of repairing or upgrading structural members after an infrequent earthquake
may reach replacement cost of the building. A structural engineer should advise a building
owner about the possible cost of the intervention and the loss associated with the disruption of
the building operation during the repair work. It is worth noting that technically significant
damage can be repaired using present state of construction technology. The technical
repairability is not necessarily dependent on the damage level, but is rather governed by the
needs of the building owner.

Life safe — Buildings at this performance level are expected to present low risk of life-
threatening injury to building inhabitants. Therefore, the structural system should have
suitable margin against collapse to accommodate the anticipated randomness and uncertainty
inherent in earthquakes and buildings responses. Falling hazards associated with the
nonstructural system should be addressed. Egress may or may not be considered part of this
performance level. The level of damage to structural and nonstructural systems may be
extensive, and repair costs may be prohibitively high, so that repair may not be feasible and
the building may have to be demolished.

Seismic retrofit practice in the western United States sometimes adopts a hazards-reduced
performance level for nonstructural components. Extensive damage may occur to
nonstructural components, but large or heavy items that pose a falling or overturning hazard
to a number of people are retrofitted to prevent life-threatening behaviour.

Collapse — It is uncommon to design buildings for the collapse limit state, but instead to
design them for a state just preceding collapse. Thus, this performance level may be referred
to as the collapse prevention level or the structural stability level. Buildings at this limit state
are on the verge of collapse, and therefore should provide substantial but not complete life
safety (falling hazards may pose some risk). Repair may or may not be feasible. This
performance level can be subdivided into two sub-levels, one referring to the onset of local
collapse and another referring to complete system collapse. Local collapse refers to the loss of
one or more vertical-load-carrying clements resulting in localized collapse of a portion of a
storey in a part of the building not exceeding one or a few bays. System collapse refers to the
condition where simultaneous failure of several components, or progressive collapsc
emanating from one or a few failures, leads to collapse of a significant portion of the building.
This could involve collapse of a single weak storey or collapse of the entire building.
Buildings at or near the collapse limit state generally have sustained substantial structural
damage, potentially including significant degradation in stiffness and strength lateral-force-
resisting system, and large permanent lateral deformation to the structure. The structure is not
safe for re-occupancy, as aftershock activity could cause collapse.

24.2 Seismic hazard levels

Seismic hazard levcls should be selected considering the building function, its targeted
performance, and its expected service life. Seismic hazard levels can be stated in terms of the
probability that specified shaking levels will be exceeded over an established time. A common
reference time is 50 years, which relates conveniently to both the service life of a
conventional building structure as well as the adult lifc of a typical occupant or investor, and
hence relates both to property risk and life risk.

Some performance objectives aimed at providing enhanced performance such as
immediate occupancy will consider a seismic hazard defined for cxample by mean return
period as short as 25 years, or 87% probability of exceedance in 50 years (SEAOC, 1999).
Conventional building design for life safety has considered a 10% probability of exceedance
level in 50 years, or a return period of approximately 475 years.

In regions of higher seismicity close to active faults, ground motion representations at the
level of 10% probability of excecdance in 50 years may provide a reasonable approximation
of the maximum ground motions expected at a site. For regions of low to moderate seismicity,
the 10% in 50-year hazard level may provide a relatively low measure of maximum expected
ground motions, and therefore provide inadequate protection against collapse. Retrofit design
for the longer-return-period shaking hazard level should be considered in such locations.
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243 Rehabilitation objectives

The rehabilitation or retrofit objectives define the desired performance of a rehabilitated
building when the building is subjected to seismic hazard of specified intensity. Such
objectives are normally selected after considering the cost of the work and the loss estimate,
in addition to the benefits derived from rehabilitation, such as the improved safety, the
reduction of property loss and the continued use during and after the seismic event.

The rehabilitation objective of buildings may vary from country to country, because each
country has different levels of seismic risk, risk tolerance, economic background, and
technical development. Some jurisdictions impose minimum performance objectives that
relate to the minimum code requirements for new buildings, whereas others allow retrofitting
to lower performance objectives. In some jurisdictions, as an encouragement to begin
retrofitting work, it is allowable to retrofit to any performance level provided the retrofit work
does not degrade the expected future performance of the facility. Such approaches are useful
to enable phased retrofitting that aims eventually to achieve a higher performance objective.

In addition, rehabilitation objectives may vary depending on the function or importance of
a building, with higher performance objectives for essential and large-occupancy buildings.
Examples of essential buildings include hospitals, emergency information or disaster
management centers, law enforcement officials, and fire-fighting facilities. New technologies,
such as base-isolation, energy-dissipating devices, and auto-adaptive media, may be used in
such rchabilitation work to achieve enhanced performance.

2.5 Socio-economic considerations in seismic rehabilitation

2.5.1 Liability considerations

Depending on the legal provisions applying in a country regarding the responsibility and
liability of designers and contractors, there may be a serious issue regarding the share of
responsibility/liability against losses (property damage or casualties) in future earthquakes,
between the designer or contractor of the original building and those employed by the owner
for the retrofitting. Within the usual constraints of budget, architectural configuration,
disturbance or interruption of occupancy, etc., the retrofit design cannot fully reverse a poor
structural configuration of the original design and eliminate its adverse effects on
performance in future strong earthquake. Similarly, serious flaws in the quality of the
materials of the original building an;l/or in the amount or detailing of its reinforcement may
remain undetected, especially as the cost and time needed for a complete survey and
documentation of the as-built structure may be prohibitive. As a rcsult the designer and the
contractor of the retrofit work may feel that are exposed to more liability against future
_possible losses than is warranted. This may be more so for relatively old buildings, the
original designer and contractor of which may not be known, or may not be available
anymore for the purposes of sharing liability. Such considerations are disincentives for
engineers to undertake rehabilitation work, and if they do, they may be led to an unwarranted
increase in retrofit costs (owing to more extensive survey of the as built structure or to more
conservative retrofit decisions) in order to reduce their own liability. A fair and efficient
legal/regulatory system for the liability of designers and contractors of retrofitting projects
seems to be a pre-requisite for the successful implementation of any targeted seismic
rehabilitation program at the local, regional or national level.

An additional liability issue emanates from the use of performance-based design. As noted
in FEMA 273 (FEMA, 1997), the concepts and terminology of performance-based earthquake
engineering are relatively new to engineers and building stakeholders. All parties should be
aware that performance objectives are targets, and not guarantees. Incomplete knowledge
regarding earthquakes, existing conditions and seismic analysis and design procedures makes
guarantees regarding performance impossible and irresponsible. The building owners and the
engineer should work together to come to a complete understanding of the naturc of
performance-based earthquake engineering and the fact that there is no guarantee implied
regarding future performance.
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25.2 Operational impact and continued use during rehabilitation

Rehabilitation work causes noise, vibration, dust and other types of pollution and
disturbance. The extent of disruption during seismic retrofitting will vary depending on the
nature of the work. Retrofit work involving interior work, such as diaphragm strengthening
and column jacketing, is often sufficiently intrusive that building occupants need to be
evacuated during the work. Work around the exterior of a building, such as addition of infill
walls or seismic bracing, sometimes can be accomplished while the building is occupied.
Some special retrofitting techniques have been deviscd that allow work to be done after hours
with minimal disruption to the building fabric. -

Retrofitting concrete columns normally requires removal of mortar and other finishing
materials (e.g. tiles) from the concrete surface to effectively confine the concrete. In many
occasions, additional preparation work lengthens the duration of work and increases cost.
Therefore, the development of retrofit work without removing existing finishing materials is
highly desired.

Obviously, the retrofitting work should be planned with the building owners/tenants to
ensure that cost aspects associated with disruption are included in the overall decision.

253 Construction cost

Seismic assessment and rehabilitation commonly involve the removal of existing finishes
to expose structural materials underncath. Such action invariably results in costs beyond the
structural retrofit costs that might initially be envisioned. In addition to replacement of
removed finishes and other materials, retrofit work may trigger other work such as upgraded
electrical and fire-suppression systems and handicapped access. Some displaced occupants
may opt to abandon leases, resulting in additional costs to building owners. Still other
displaced occupants require interim facilities that may result in some costs to building owner.
Because retrofit work may result in a general improvement in the quality of a facility, it may
also lead to increased rents; the impacts on lower-income groups need to be considered in
planning retrofit programs.

254 Considerations for historic buildings

Some jurisdictions have special requirements for historic buildings. In such cases, existing
laws may require that the seismic retrofitting take into consideration the historic fabric of the
building. Special procedures may be required to retain the essential architectural features of
the facility. These may include not only special restrictions on retrofitting systems so that they
leave the architecture intact but also special restrictions on performance objectives so that the
historic fabric is preserved during future earthquakes. Seismic rehabilitation may attempt to
hide the new elements behind the existing architecture, may reconstruct or replicate existing
architectural elements to simulate the historic architecture, or may instead expose the new
structural clements as obvious additions to the original construction. The latter approach
sometimes is preferable especially when executed so that the additions can be modified or
“undone” in the future without disturbing the historic elements.
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3 Review of seismic assessment procedures

3.1 Introduction

A detailed seismic assessment (or evaluation) of an individual building not only
determines the need for seismic retrofitting or not, but identifies also the particular
weaknesses and deficiencies to be corrected through retrofitting. For this reason recent years
have seen a worldwide shift from rapid screening and empirical evaluation methods, to
fundamental assessment procedures based on a direct or indirect comparison of the inelastic
deformation demands to the corresponding deformation capacities.

During the past two decades considerable work has been done in the direction of
developing seismic assessment methodologies, usually under the auspices of national or
international organizations. In Europe a UNDP/UNIDO project produced in the early-to-mid
80's state-of-the-art reports (UNIDO, 1983), which, although focusing on post-earthquake
assessment and repair, cover also pre-earthquake evaluation and strengthening. In Japan the
main evaluation tool has been — and still is — a detailed multilevel semi-empirical procedure,
published in 1977 by the Japan Building Disaster Prevention Association and revised in 1990.
In the U.S.A. the Applied Technology Council (ATC) has taken the lead in the late '70s-early
'80s, first including Sections 13 and 14, "Systematic abatement of seismic hazards in existing
buildings" and "Guidelines for repair and strengthening of existing buildings", in its ATC
(1978) tentative provisions for seismic regulations and continuing with the ATC (1987)
methods for evaluating existing buildings. In the mid-'80s and within its role as the lead
agency for the NEHRP project, the Federal Emergency Management Agency (FEMA)
developed an action plan for reducing earthquake hazards of existing buildings (FEMA
Report 90). The part of the plan which materialized first includes the ATC (1988) Handbook
on rapid screening, and the NEHRP Handbooks for seismic evaluation and rehabilitation of
existing buildings (BSSC 1992a and b).

The assessment methodologies proposed in these older U.S. reports are of the multi-stage
type, with a first screening on the basis of checklists and subsequent evaluations of individual
buildings at two levels of increasing sophistication. As in the UNDP/UNIDO Balkan studies,
these evaluations are of the capacity-demand-comparison type, with both demand and
capacity basically determined in terms of forces according to code provisions for the seismic
design of new buildings. This is also the case for the ENV version of the part of Eurocode 8
on “Strengthening and repair of buildings” (CEN, 1996), which is essentially the first official
standard internationally on seismic assessment and redesign.

New approaches have been proposed recently for the seismic assessment of existing RC
buildings, which are partly or fully displacement-bascd. The rationale behind displacement-
based approaches is well known: The earthquake does not represent for the structure a set of
given lateral forces to be resisted, as considered in forced-based seismic design or assessment,
but a demand for accommodation of a given energy input or of given imposed dynamic
(ground) displacements. Therefore displacements, rather than forces, represent a much more
rational basis for the seismic design or assessment of structures. After all, structures collapse
not due to the earthquake lateral loads per se, but due to gravity loads, acting through the
lateral displacements caused by the earthquake (P-A effects). For these reasons displacement-
based seismic design has been proposed in the early '90s by Moehle (1992) and Priestley
(1993) as a more rational alternative to the current forced-based design approach.

For new structures, procedurcs for direct proportioning of RC members on the basis of
given deformation demands are not fully developed and accepted yet, hence in displacement-
based design the problem of member proportioning is still reduced in most procedures
proposed so far to conventional force-based proportioning. In assessment, though, which is an
analysis rather than a synthesis problem, deformation capacities of the members and of the
system can be easily computed for given dimensions, reinforcement and material properties.
Therefore, asscssment of existing structures provides a better ground than the design of new
ones for the application of deformation- and displacement-based concepts. As a logical
extension, a strengthening intervention is easier to design if it is considered as a means to
reduce the global seismic displacement demands on the existing members, to levels below the
corresponding deformation capacities. In other words, the detailing of old members does not
need to be upgraded to the level required by modern standards for new members on ductility
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grounds, provided that the demands imposed on them are not beyond their ultimate

deformation capacity and do no impair their resistance against gravity loads.

Recent assessment and strengthening guidelines which are clearly and explicitly
displacement-based, are:

o The draft guidelines of the New Zealand National Society for Earthquake Engineering,
first drafted in 1996 for the NZ Building Industry Authority and being under development
until the time of this writing (June 2002);

e The “1997 NFHRP Guidelines for the Seismic Rehabilitation of Buildings™ developed in
the US by the Applied Technology Council for the Building Seismic Safety Council and
FEMA (ATC, 1997a, b) - a parallel effort within ATC (ATC, 1996) has resulted in a
document with a more limited scope,

o The draft EN of Part 3 of Eurocode 8 on “Strengthening and repair of buildings” (CEN,
2002). ‘

The 1997 NEHRP Guidelines — widely known as FEMA 273/274 — have evolved into an
ASCE “Prestandard for Seismic Rehabilitation” (ASCE, 2000). They are also been
supplemented with an “ASCE draft Standard for Seismic Evaluation of Existing Buildings”
(ASCE, 2001), which is currently evolving from a FEMA “1998 Handbook for Seismic
Evaluation” (ASCE, 1998).

This part of the report contains a (critical) review of the main regulatory-type documents
for seismic assessment or evaluation of existing RC building structures, namely of: a)
Eurocode 8 (ENV1998-1-4:1996); b) the Japan BDPA 1977/1990 Guidelines; c) the New
Zealand 1996 and 2002 draft Guidelines; and d) the most recent US documents, namely the
1997 NHERP Guidelines for rehabilitation of existing buildings (FEMA 273/274), as these
have developed into an ASCE pre-standard (FEMA 356), along with the 1998 Handbook for
evaluation of existing buildings (FEMA 310), as this is developing into an ASCE draft-
Standard. All procedures are presented with a few comments, explanations, or cven
extensions and in enough detail to allow the reader to apply them to ordinary and simple RC
buildings, without having to resort to the original sources.

The presentation is organised around the distinction between the traditional force-based
approaches and the most recent but currently prevailing displacement-based ones.

For reasons of uniformity the same units (SI) and notation (that of the ISO/Eurocode
system) are used in the presentation of the various approaches, which may be different from
those used in the original documents. For the same reason, the well known rules of the
CEB/FIP Model Code 1990 and of Eurocode 2 are used as the reference for member flexural
and shear resistances, including the associated (material) partial safety factors.

3.2 Force-based procedures for seismic assessment

321 Conventional assessment procedures and their limitations: the case of the
ENV-Eurocode 8, Part 1-4

In conventional procedures for the detailed seismic assessment of individual existing RC
buildings, evaluation is done at the member level in the form of a capacity-demand-
comparison, with demand and capacity expressed in terms of forces (member seismic internal
forces for the demand and member resistances for the capacity) and determined according to
code provisions for the seismic design of new buildings (“Force-based” approach). This is
also the case of the ENV version of the part of Eurocode 8 on “Strengthening and Repair of
Buildings” (CEN, 1996). To distinguish 1t from the EN version currently under development
(draft prEN1998-3), the ENV version is termed in the following as ENV1998-1-4:1996.

According to ENV1998-1-4:1996, the assessment is based on satisfaction or not of the
provisions of Part 1-3, Section 2 of Eurocode 8 (ENV1998-1-3:1994) for the design of new
RC buildings according to one of three different Ductility Classes (IDCs). For buildings of DC
High (H) or Medium (M), ENV1998-1-3 requires capacity design of columns and walls in
bending (at beam-column joints for the columns, above the base region for walls) and in
shear. For DC H, capacity design in shear is required for beams as well. Detailing and
minimum or maximum reinforcement provisions within regions of (potential) plastic hinges
become less strict, if one selects DC M instead of H, or DC L (Low) instead of M, with the
detailing requirements on DC . structures being only slightly more demanding than those
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applying to structures designed to Furocode 2 alone (i.e. without any requirement for
earthquake resistance). It is noteworthy that the ENV version of Eurocode 8 does not have a
distinction between “primary” and “secondary” members, that might exempt those members
characterised as “secondary” from full satisfaction of the requirements of the corresponding
Ductility Class for detailing, capacity design, etc. The behaviour factor q (i.e. the European
counterpart of the US force-reduction factor R) in DC H structures is double that of DC L
ones, or 4/3 of that applying to DC M. For DC H, in heightwise-regular frames and coupled-
wall structures the g-factor 1s equal to 5.0, in (uncoupled) wall systems it is equal to 4.0 and
to 4.5 in dual systems with (uncoupled) walls resisting between 50% and 65% of the base
shear. In heightwise-irregular structures these g-factor values are reduced by 20%.

According to the ENV1998-1-4:1996 approach all members are first examined for
satisfaction of the detailing and minimum/maximum reinforcement requircments of the three
alternative DCs. If they satisfy those applying to one of the two upper DCs, they are checked
for fulfillment of the corresponding capacity design rules. After the structure is classified in
one of the threc DCs, the value ot the g-factor for which it qualifies is determined as in a new
structure, i.e. according to its structural system and regularity. If not even the requirements of
DC L are met, the structure may be considered as a Eurocode 2 one and enjoy a (not clearly
specified in ENV1998-1) gq-factor value of 1.0.

With the value of the behaviour factor q known, the design spectrum can be entered and
linear elastic analysis, equivalent static or (modal) dynamic, may be employed to determine
the design internal forces, Eq4, of members (including any P-A effects and the necessary
capacity-design modifications). Design values of member resistances, Ry, are also determined,
according to the relevant rules of Eurocode 2, as modified by Eurocode 8 (ENV1998-1-
3:1994). If the criterion E4<Ry is not satisficd, strengthening of the building is required.

More sophisticated nonlinear analysis, static or dynamic, is explicitly allowed for the
seismic evaluation. Nevertheless, as such methods of analysis are not promoted by the general
Part 1-2 of Eurocode 8 for new buildings (ENV1998-1-2:1994), their application is not
encouraged for old ones either, in the sense that no detailed guidance is given for them in
ENV1998-1-4:1996.

Assessment of existing structures by checking compliance with a standard for the design
of new ones is neither rational nor practical, as it is extremely unlikely that an old structurc
meets the very stringent requirements of modern codes for structural regularity, ductility at
the local level (member detailing) and at the structural level (control of inelastic response
through capacity design), continuity of the load path, etc. In this way all old structures, with
the possible exception of low-rise ones with structural walls, may be found to be inadequate
and in need of retrofitting. Moreover, to comply with a current code for new structures,
practically all structural elements will need to be upgraded to meet all the resistance and
detailing requirements of this code, increasing the cost of retrofitting so much, that demolition
or the “do-nothing” alternative will be the most likely outcomes of the cvaluation.

In view of the difficulty of conventional approaches, recent developments are in the
direction of adopting different performance requirements and criteria for existing or retrofitted
buildings, relative to those implicit in current codes for new buildings. The basis for this
pragmatic attitude is not the presumably shorter remaining service life of an existing building
(on such a basis a building could be evaluated as adequate for a future life of a few years,
after the end of which the evaluation might be renewed for another period, and so on and so
forth), but the recognition of the much higher total cost of seismic retrofitting (including the
indirect cost of disruption of occupancy) in comparison to new construction. The
differentiation is effected mainly in two ways. First, by explicitly taking into account sources
of earthquake resistance and energy dissipation in the existing and in the retrofitted structure,
which are normally neglected in the design of new buildings, such as thc positive effects of
non-structural elements (e.g. masonry infills) and the redistribution and reduction of seismic
demands due to nonlinearities in structural elements and in the foundation. Second, by
explicitly allowing certain structural elements to develop large and permanent post-ultimate-
strength deformations, provided that their gravity-load bearing capacity is not impaired. The
first point requires modelling and analysis at a higher level of sophistication than provided by
current codes for the seismic design of new structures. The second implies that poor detailing
and insufficient strength in many elements is not a problem, provided that global stability is
assured by a few lateral-load-resisting elements, old or new. Both these points represent a
significant change in the philosophy that prevailed earthquake-resistant design for the past
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decades, namely: a) the use of relatively simple, yet conservative, modelling and analysis, and
b) the requirement for universal proportioning and detailing of members for strength and
ductility, regardless of whether it is essential for the global seismic performance. As this new
trend becomes established through successful application in assessment and retrofitting
projects, it is starting to affect the codes for earthquake-resistant design of new structures as
well. This represents a reversal over the past tradition, in which procedures and codification
eftorts for existing structures followed and emulated those for new ones.

3.2.2 Guidelines of the Japan Building Disaster Prevention Association
3221  Introduction

Guidelines for the seismic assessment and retrofit of RC buildings were developed in 1977
by the Japan Building Disaster Prevention Association (BDPA) under the auspices of the
Ministry of Construction, Building Administration Division. Guidelines for steel buildings
were added in 1978. Between 1983 and 1985 guidelines for the seismic assessment (but not
retrofit) of composite (stecl-concrete) and timber buildings were developed.

Unlike the seismic design code for new buildings, the 1977/1990 guidelines have not been
enforced so far as a law. Instead, their application has been in the jurisdiction of local
authorities. Nevertheless they have been extensively applied since 1977, especially to low-
and medium-rise buildings and schools. As a matter of fact, the initial development and
calibration of the guidelines was based on the performance of buildings subjected to the
Tokachi-oki 1968 earthquake. The guidelines were further applied for verification purposes to
buildings subjected to the Izu Ohshima Kinkai 1978 and to the Miyagiken-oki 1978
earthquakes.

The part of the guidelines referring to RC buildings was revised in 1990. The revised
guidelines were applied after 1995 to buildings in the Kobe area. On the basis of the
experience gained in those applications, in late 1995 the Japanese Ministry of Construction
issued a technical notification, which was enforced then as part of a law for the promotion of
strengthening of vulnerable congcrete buildings. This law requires owners of large buildings
(more than 2 storeys and 1000m* in total floor area) with large occupancies (public assembly
facilities, rental appartment buildings, office and business buildings, hotels, shops,
restaurants, industrial plants, etc.) to apply to their property the assessment procedure
specified in the law. If required by the outcome of this assessment, owners should then
strengthen their property at the first opportunity.

32.2.2 The three levels of assessment

The Japan BDPA 1977/1990 Guidelines provide for three levels (or tiers) of assessment.
Accuracy and reliability of the assessment increases with the level; at the same time, cost and
time requirements increase also: cost of application per m” of floor arca increases by a factor
of about 2.5 from level 1 to level 2 and by a further factor of about 2.5 from level 2 to level 3.

The assessment is recommended to start at the lowest level, i.e. at level 1. If there is a
clear-cut answer that the building is seismically adequate, one may proceed with normal use
of the building. Otherwise the next level of assessment should be applied. Similarly at level 2.
The decision to strengthen or demolish the building may be reached only after the level 3
assessment gives a negative result for the adequacy of the building.

The rationale of the three-level assessment is based on the observation that the large
majority of existing and most likely substandard RC buildings can remain operational after
earthquakes as strong as those of Mexico 1985, Luzon Philippines 1990, Erzincan 1992, Kobe
1995, or Kocaeli 1999. Then level 1 of the procedure aims at screening out those RC
buildings which can resist such strong earthquakes by virtue of their overstrength alone, rather
than of their ductility (examples of such buildings are those with shear walls of low aspect
ratio). Then the more time-consuming but less conservative level 2 and 3 assessment may
focus on the more vulnerable part of the building stock.

At the two lower levels beams are considered as stronger than columns; so the resistance
of the building to lateral loads is cstimated on the basis of the vertical elements alone. 1.evel 3
assessment may cover also weak-beam/strong-column buildings, as the possibility of beam
failure is explicitly considered.
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3.2.2.3  Storey shear demands

According to the 1977/1990 guidelines at all three levels the assessment is based on a
comparison of the elastic storey shear demand, Vs, with the corresponding supply
(resistance), separately for each storey and for both horizontal directions. The elastic storey
shear demands Vs are computed on the basis of the elastic base shear coefficient and an
assumed inverted triangular first mode shape. In the 1977/1990 guidelines the fundamental
period of the building is not calculated and the base shear coefficient is taken equal to the
product of the 5%-damped elastic spectral acceleration (in g’s) at the acceleration-controlled
part of the spectrum, times the importance factor and any other factors which apply tor the
design of new buildings (having to do with local soil conditions, or topography, etc.). At level
3 the elastic storey shear is taken equal to this base shear coefficient, times the weight of the
overlying storeys times 1.5(ng+1)/(2ng+1) (ng = total number of storeys and 1 = storey number,
equal to 1 at ground level), which is the exact result for a linear first mode shape and uniform
heightwise distribution of storey masses (including the first mode participation factor). Such a
mode shape is common in weak-beam/strong-column buildings, which are best addressed by
the lcvel 3 assessment. In the two lower levels this factor is replaced by the more conservative
factor: (ngy+i)/(ng+1), which assumes higher values than the factor used in level 3, especially
for medium- or high-rise buildings, which are likely to develop a nonlinear first mode shape.
Moreover, as the accuracy of the assessment is lowest at level 1, at that level clastic storey
shears are further increased by a model factor with the valuc of 4/3.

3.2.2.4  Capacity modification due to building configuration and deterioration

The elastic storey shear Vs is compared to the product of the corresponding storey shear
strength, Vg, times an appropriate value of the behaviour factor q and times two more
modification factors, Sp and T, which account respectively for the configuration of the
structure and for its condition of deterioration.

On the basis of the performance of structures during the Tokachi-Oki 1968 earthquake, in
the 1977/1990 guidelines the modification factor Sp for structural configuration is taken equal
to the product of nine factors for level 1 of assessment, or of eleven for levels 2 or 3. The first
five and the tenth among these factors refer to irregularities of the structure in plan; the rest
refer to irregularities in elevation. At level 1 only the first nine factors apply; they are the
following:

e The first factor rcfers to the overall plan configuration of the structure; it is equal to 1-
0.1g), with: a) g,=0 for approximately rectangular plans, in which any projections of
the structure beyond re-entrant corners are less than 10% of the plan dimension in the
parallel direction; b) g;=1 for structures with an L-, T-, or U-shape in plan, in which
projections beyond re-cntrant corners are between 10% and 30% of the length of the
structure in the given direction; and c) g,=2 for more complex and irregular shapes in
plan.

e The second factor is for the aspect ratio of the plan of the structure; it is equal to 1-
0.05g,, in which: a) g,=0 if the aspect ratio is less than 5; b) go=1 if the aspect ratio is
between 5 and 8; and c) g,=2 if the aspect ratio exceeds 8.

e The third factor is due to any constriction or pinching at the centre of the plan; it is
equal to 1-0.05g;, with: a) g3=0 if the dimension of the most narrow part is at least
80% of the overall plan dimension in the given direction; b) g3=1 if this most narrow
part is between 50% and 80% of the overall dimension; and ¢) g;=2 if it is less than
50% of the latter.

e The fourth factor refers to seismic joints; it is equal to: 1-0.05g4, with: a) g4=0 if at the
storcy of interest the joint is wider than 1% of the elevation from ground level; b) g4=1
if the joint width is betwecn 0.5% and 1% of the elevation of the given storey; and c)
g4=2 if the joint is more narrow than 0.5% of the elevation from ground level.

o The fifth factor refers to the size of an open court (atrium) inside the plan; it is equal to
1-0.05gs, with: a) gs=0 if such an open court occupies lcss than 10% of the overall
surface area in plan (or if there is no open court); b) gs=1 if the surface area of the
open court is between 10% and 30% of thc overall surface area; and c) gs=2 if this
surface area is more than 30% of the overall area.

o The sixth factor refers to the location of an open court that may exist within the plan; it
is equal to 1-0.025g¢, with: a) ge=0 if the open court is eccentric with respect to the
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overall plan by less than 10% of the longer of the two overall plan dimensiorfs and
40% of the shorter (including the case of no open court); b) ge=1 if the eccentricity of
the open court is less than 40% of the shorter overall dimension in plan, but between
10% and 30% of the longer; and c) g¢=2 if the eccentricity exceeds 40% of the shorter
overall dimension or 30% of the longer.

o The seventh factor covers the beneficial effects of a basement, possibly smaller in plan
than the ground storey; it is equal to 1.2-0.1g, with: a) g7=0 if the basement occupies
in plan the same area as the ground storey; b) g=1 if the basement surface area is
between 50% and 100% of that of the ground storey; c) g7=2 if the basement takes up
less than 50% of the ground storey area or if there is no basement.

e The eighth factor is due to irregularities in storey height; it is equal to 1-0.05gs, with:
a) gg=0 if the storey of interest is not morc than 20% shorter than the one directly
above (or below, if we are talking about the top storey); b) gs=1 if the storey in
question is by 20% to 30% shorter than the afore-mentioned adjacent storey; c) gg=2 if
it is shorter by more than 30%,

e The last factor for level 1 refers to the possible presence of shear walls above the
ground storey which are discontinued at the ground storey itself; it is equal to 1-0.05g,
with: a) go=0 if there arc no such discontinuous walls; b) go=1 if such shear walls are
symmetrically arranged throughout the plan; and c) gy=2 if the discontinuous shear
walls are eccentric in plan.

At levels 2 and 3 all modification factors above apply but: a) with half the above values
of g; for i=1 to 5 and 8 or 9 (i.e. 0.5 instead of 1.0 and 1.0 instead of 2.0); b) always with
g6=0, regardless of the eccentricity of an open court in plan; and c) with the same values of g;
as in level 1. Moreover two additional reduction factors are applied, both referring to
irregularities of stiffness and mass in plan and in elevation:

e The first additional factor refers to the eccentricity, e, of the storey centre of mass with
respect to the storey centre of stiffness; it is equal to 1-0.1g,o, with: a) g10=0 if the
value of e is less than 10% of the sum B+L of the plan dimensions; b) g o=1 if e is
between 0.1(B+1.) and 0.15(B+L); and c) go=2 if the value of e exceeds 0. 15(B+L).

e The second factor is equal to 1-0.1g,,, with: a) g,,=0 if the stiffness-to-mass ratio,
K/M, of the storey above does not exceed that of the storey of interest by more than
20%; b) gi,=1 if the K/M ratio in the storey above is between 1.2-times and 1.7-times
that of the storey in question; and c) g, =2 otherwise. The sum of the cross-sectional
areas A, of the vertical elements of the storey may be taken as a measure of the storey
stiffness K in this calculation; the mass M is the total mass in the overlying storeys.

The reduction factor T for detenoratlon assumes a single value for the entire building and

accounts for its age and condition in the following way: £

o At Jevel | the value of T is equal to the minimum value determined at any storey
according to the following factors:

e Age, with T=0.8 in buildings more than 30 years old, T=1.0 for those with less than 20
years of age and T=0.8 to 0.9 for the intermediate cases.

e The use of the building, with T=0.8 if it involves aggressive chemical compounds.

e The possible damage due to past fires, with T=0.8 if such damage has been repaired or
T=0.7 otherwise.

e The deformations of the building, with T=0.7 if the building is out-of-plumb or if
uneven settlements have developed, T=0.9 if there is visible deformation of beams or
columns, or if the building is founded on reclaimed land.

o The state of cracking and deterioration of structural and non-structural elements, with
T=0.9 if the finishes are sevely deteriorated or if structural members or partition walls
have visible cracks or even leaks but without signs of reinforcement corrosion, or
T=0.8 if therc are signs of corrosion.

At levels 2 and 3 the value of T for the building is equal to the mean of the values
determined in the individual storeys.

3225 Storey capacity

The calculation of storey shear strength Vg and the determination of the storey behaviour
factor g differ among the three levels of assessment. At level 1 an average shear strength (in
terms of shear stress) and a single representative value of q is considered for each type of
vertical element. At level 2 the shear strength Vg, of each vertical element is more accurately
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computed on the basis of its reinforcement and of its most likely failure mode, discounting the
possibility of beams failing before columns. This possibility is considered at level 3. Details
of the calculations are given in the following.

At all three levels of assessment torsional effects due to irregularity or unbalance of the
distribution of resistance in plan are normally neglected in the calculation of Vr. Such effects
are considered empirically through the structural configuration factor Sp that multiplics qVg.
When the eccentricity in plan exceeds a certain limit, the level 2 and 3 assessment procedures
estimate qVg as the minimum of the following: a) the value computed neglecting the elements
causing eccentricity, and b) the value determined neglecting any element with (local) g;-factor
smaller than those of the elements causing the eccentricity.

Q)] Calculation of storey capacity at level 1

Storey failure is considered to take place when the most brittle of the storey elements fails.
If in the storey and direction of interest there are columns with shear span ratio Ls=M/Vh less
than 1.0 (“short columns” — L/h<2), the value of q is taken equal to 0.8 for the entire storey
and the storey shecar strength Vg is taken equal to the total shear strength of these short
columns plus the fraction o; of the shear strength of the slender columns and walls attained at
the ultimate strength and displacement of the short columns. If the short columns are not
essential for gravity load capacity, in the sense that their gravity loads can be safely
transferred to and carried by neighbouring elements, the short columns may be neglected. In
the absence of short columns the g-factor of the entire storey is taken equal to 1.0 and the
storey Vp is taken equal to the shear strength of (any) walls plus the fraction ; of the column
shear strength attained at failure of the walls. If there arc no walls in the storey, Vr is the sum
of column shear strengths. The storey drift at failure of short columns is assumed to be equal
to that at attainment of 70% of the ultimate strength of shear walls (=0.7 for walls, in the
presence of short columns). The storey drift at ultimate strength of walls is taken equal to
70% of the drift ratio at column ultimate strength (0;=0.7 for columns in the presence of walls
and 0,;=0.7x0.7=0.5 in the presence of short columns). The shear strength Vi; normalized to
the gross concrete section A is taken equal to 0.075f; for short columns (L/h<2), to 0.05f; for
columns with L/h between 2 and 6 and to 0.035f; for those with L/h>6. For walis the —
normalized to A — shear strength Vy; is taken equal to 0.05f; if the wall has no column-like
boundary elements (or zones) at the ends of its cross-section, to 0.1f; if it has such an element
at one end of the section, or to 0.15f; if it has such elements at both ends. These shear strength
values are consistent with member dimensions and reinforcement ratios common in Japanese
RC buildings before 1971, i.e. at a time when the contribution of transverse steel to shear
strength was neglected and shear resistance was considered to be provided by concrete alone.

It is clear that level 1 relies on strength alone and not on ductility (q is taken equal to 1.0 or
less) and that it favours buildings with walls over those with frames. Frame buildings are
penalized by being evaluated too conservatively.

(2)  Storey capacity at level 2

Level 2 differs from level 1 regarding the determination of the shear strength Vg; and of
the behaviour factor q; of the individual vertical elements of a storey, as described in detail
below:

For every vertical clement the flexural and shear capacities M, and V, are computed, on
the basis of the information available regarding their reinforcement and material strengths.
Flexural capacities M, are converted into associated shear forces, Vmy=M, /L,. This may be
done assuming attainment of flexural capacity at both ends for the columns (shear span L
equal to half the clear storey height), or a shear span L¢ of walls equal to half the distance
from the base of the storey of interest to the top of the building (or the full storey height at the
top storey). If V=M, /L; is found less than the shear capacity per se, V., Vi, is taken as the
shear strength Vg; and a flexural failure mode is considered as most likely; the element
behaviour factor q; is taken then greater than 1.0. Otherwise, the member shear strength Vy; is
considered equal to V, and q; is taken equal to 1.0.

More specifically, for walls we take qi=1 if V,/Vm~=V,Ly/M<1.2 and qi=2 if
Vo/Vme=V.uL¢M,21.3 (with interpolation in-between).

Columns with either: a) peak axial compression above the balance point (axial load ratio
v=N/A.f:>0.4), or b) with shear force at flexural failure, Vmy=M, /Ls, greater than 0.2fcb,z

fib Bulletin 24: Seismic assessment and retrofit of reinforced concrete buildings 43



Copyright fib, all rights reserved. This PDF copy of fib Bulletin 24 is intended for use and/or distribution only by National Member Groups of fib.

(bw and z=0.9d are the width and the internal lever arm of the column section); or with c) ratio
of tension reinforcement above 1%, are considered to be brittle and their gi—value is taken
equal to 1.0. In all other columns, the available displacement ductility factor is estimated from
the empirical relation: u=10(V,L¢/M,-1)-30(V /by zf.-0.1)-2, in which the last term (i.e. the 2)
is omitted if the stirrup spacing sy, is less than eight times the longitudinal bar diameter dy. The
value of u used thereafter is limited between 1 and 5. From this value of p the column

behaviour factor g is computed, using the relation: q=,/2u -1 /(0.75(1+0.05u)), which yields

results higher than those of the expression: q=4/244 —1 often considered to apply in the

acceleration-controlled region of the spectrum. The relation used was empirically derived as a
lower bound (conservative) envelope - over the period and ductility ranges of common
interest - from the results of nonlinear dynamic analyses of a SDOF system which followed a
stiffness degrading hysteresis model with a trilinear monotonic curve and was subjected to the
El Centro 1940 (NS), Taft 1952 (EW) and Hachinohe 1968 (EW and NS) records.

If there are columns in the storey which have slenderness ratio L/h<2.0 (short) and are
essential as gravity load-bearing elements (i.e. their share of gravity load cannot be safely
undertaken by neighbouring elements), then the value g=0.8 applies to the entire storey and
the storey shear strength is determined as in level 1 above, the only difference being that the
more accurate values for the shear strengths of the individual vertical elements are used.

If in the storey there are only columns with L/h>2 and/or shear walls, then the storey
vertical elements are grouped in (up to) three classes of elements with similar values of g;.
Each class is assigned the lowest value of g; of its members. One class may comprise those
elements likely to fail in shear, for which qi=1. The other classes may include shear walls
likely to fail in bending with values of ¢; between 1.0 and 2.0 and separately those columns
which are critical in flexure and have gi-values (well) above 2.0. The deformations (storey
drifts) at ultimate strength of these (up to) three classes of elements may differ significantly,
implying that at ultimate strength of one class of elements those of another class may not have
reached ultimate strength, or may be at their post-ultimate falling branch. If one of the three
classes consists of shear-critical elements with qi=1, failure of the storey is considered to take
place at failure of these brittle elements and the shear strength of the storey is computed from
a linear combination of the shear strengths of its vertical elements similar to that used in level
1, without considering any bencficial effects of ductility. If the two or three groups of
elements all have values of q; greater than 1, then the product of a q-factor times the ultimate
strength, qVg, is computed for the storey as the maximum of two values: a) the linear
combination of element ultimate strengths mentioned at the beginning of this paragraph and
used also in level 1, times the lowest q; value of the (up to three) groups; and b) an SRSS -type
of combination of the products ;Vg; of the (at most) three classes, as qVr=(Z(q;Vri)* )2, This
rule was developed empirically from the results of nonlinear dynamlc analyses of a parallel
system consisting of: 1) an element with bilinear monotonic curve and origin-centred
hysteresis, considered to fail at a ductility demand of 2; and 2) a ductile element with trilinear
monotonic curve and stiffness degrading hysteresis. This system was subjected to the Taft
1952 record, for various combinations of $trengths of its constituent elements. The rule above
is an approximation to the combination of element strengths leading to either failure of (the
less ductile) element listed under 1, or to constant ductility demand in (the more ductile)
element listed under 2.

(3)  Storey capacity at level 3

At level 3 shear strengths Vg, and behaviour factors q, of vertical elements are determined
taking into account the possibility of pre-emptive failure (in shear or in flexure) of the beams
framing into them. Moreover, for shear walls their behaviour as a whole is considered, from
the foundation to the top of the building.

To determine whether the beams or the columns fail first, at the beam-column joints at the
top and bottom of a column, column and beam moment capacitics are compared, considered
in pairs actmg in the same sense on the joint. These beam capacities are denoted here as Mgy~
and Mgp2', When they cause tension at the top of the bcam on one side of the joint and at the
bottom on the other, and as Mgy, and Mgy,  When they act in the opposite sense. Normally
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these capacities are controlled by flexure and are ¢qual to the beam flexural capacity My at the
face of the column (approximately equal to the tension reinforcement area, Ay, times its yield
strength, f, and the internal lever arm z=0.9d). In some cascs, they may be controlled by shear.
1t is unlikely that this will be the case at the beam end which is in positive bending, as there
the shear due to gravity loads, Vg, counteracts the shear due to the bending moments at the
beam ends. If at the beam end which is in negative bending (indexed here with i) the beam
shear strength, V,, is less than the maximum shear force that can de\ielop there, Vgit(Mui+
Mubj+)/Lbn, then Mg should be taken equal to Mv,=(Vu-Vgi)Lon-Muy; (Where L*z" is the beam_
clear span and j indexes the other end of the beam, considered in positive bending). So Mgp
=min(M,, My,).

Similarly the pairs of column moment capacities above and below a joint are computed:
Mgei* and Mge,” is the first pair, or Mo  and Mg the second one (typically Mgei™=Mge1',
MR02+=MR.;2'). The column moment capacity Mg, is the smaller of the column flexural
capacity, M,, and of the product of its shear strength, V, , times the shear span, L (taken for
simplicity as half the storey clear height). The likely failurec mode of the column is also
determined: the column fails in flexure if M,< My,=V.Ls, or in shear if My> Mvy,=V L. The
sums Mgy +Mgp2' and Mpy;™+Mgy2” at the joint are compared to the corresponding sums for
the columns: Mgei +Mgea' and Mgei™+Mgea . (Transfer of all these sums to the centre of the
joint may be needed, if the ratio of the joint horizontal dimension to the beam span diffe+rs
significantly from that of the joint vertical dimension to the storey height). If Mgc1 +Mgre2 >
Mgbi +Mgs2 . the beams control the magnitude of the moments around the joint and the mean
of Mgyi” and Mgp;* (or, more generally, the values of Mgc”and Mg, multiplied by the ratio:
(Mgs l-+MRb2+)/(MRcl-+MRc2+)) is taken as the column moment capacities instead of Mgc:” and
Mge; . Similarly for the opposite sense of action of moments around the joint, i.e. for Mgci
and Mgp¢,'.

The column shear strength, Vy;, is taken as the sum of the column moment capacities at
storey top and bottom, computed according to the two paragraphs above, divided by the
column clear height. The value of the column behaviour factor depends on the likely failure
mode. Similarly to level 2, q;is taken equal tol, if at beam-column joints the columns are

more critical than the beams and they fail in shear (i.e., if My> My,); if they are controlled by
flexure, then q=4/21 —1/(0.75(1+0.05u)), with the column available ductility factor p

determined as in level 2. If beams fail before the columns at the joint and one of them fails in
shear, (i.e. if Mgy =My,), qi=1.5 applies for the column; for flexural failure of the beam, qi=3
applies. The minimum (rather than the average) q; value should be used for a column, if the
likely failure modes at its top and bottom are different.

The storey shear strength in shear walls, Vg, is the value of the storey shear at attainment
of the ultimate resistance of the wall as a whole, subjected to lateral forces with an inverted
triangular heightwise distribution. This ultimate resistance may be reached due to: a)
attainment of flexural capacity at any section of the wall from the foundation to the top; b)
exhaustion of the shear strength of the wall at any storey; or c) attainment of the overturning
moment of the wall (product of the wall axial force times the distance between the edge and
the centre of the wall footing) at the interface of the footing with the soil, whichever happens
first. For failure modes a) or b), the gi—value of the wall is taken equal to the values quoted for
level 1. For mode c), q; is taken equal to 3.0. In the calculation of the wall ultimate resistance
to lateral forces with inverted triangular heightwise distribution, the bending moments of
beams framing into the wall at storey levels are taken equal to the corresponding capacities, as
these are determined by shear or flexure in the beam. The sense of action of these moments is
opposite to that of the bending moments in the wall itsclf.

The combination of the values of Vg; and q; of the individual vertical elements into a
single qVr value for the storey is done as in level 2.

In general level 3 produces lower storey shear strengths Vg than level 2, but higher g-
factor estimates. The valuc of the product qVp is then higher. This result, along with the use
in level 3 of 1.5(ny+1)/(2ng+1) instead of (ng+i)/(ng+1), makes level 3 assessments less
conservative than level 2 ones.
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(4)  Consideration of joint shear failure at level 3

The 1977/1990 Guidelines do not consider beam/column joints as separate components to
be assessed. This may be due to the fact that the members of existing RC buildings are
typically more critical than the joints they frame into (especially in Japan, where prior to 1971
only the concrete contribution to shear resistance was considcred, leading to large member
cross-sections and hence to voluminous joints). If members are heavier reinforced and cross-
sectional dimensions are small, (unreinforced) joints may be more critical than the members
themselves. Then, calculation of Vp; at level 3 for each beam-column subassembly should
include the determination of the joint shear strength itself and a check of whether the joint
controls the value of Vg;. For completeness, and as it will be referred to in the description of
other assessments procedures, one approach that may be used to this end (Fardis, 2001,
Panagiotakos et al, 2002) is given here.

The shear force that develops in a joint by bond along the extreme beam or column bars
passing through, is related to the moments developing in the beams and columns framing into
it. If the sum of beam moments at opposite faces of the joint, ZMy, governs the shear input in
the joint, the horizontal shear force Vj, in the joint is:

11 L
V'h =2Mb —_— . (3'1)
/ [Zb ht Lbn)

where hy is storey height, L, and Ly, the mean theoretical and clear span of the beams on
either side of the joint and z,=d-d,=0.9d the beam internal lever arm. The shear stress demand
in the joint is:

Vj
y. = 3-2
T (3-2)
with hc: column cross-sectional depth in the horizontal direction in which the joint is checked
and b;: width of the joint in the transversc horizontal direction, usually taken as:

bj=min (max(bc, bw), 0.5hc+min(b., b)) 3-3)

with b, and by, denoting the width of the column and the beam in the direction normal to h.
Alternatively, the sum of column moments at opposite faces of the joint, M., may
control the shear input therein. Usually column vertical bars are the same above and below the
joint. If the total cross-sectional area of all vertical bars at the two extremes of the column
section and of the joint core is denoted by A o1, the vertical shear force in the joint core is:

Vjv = GsAsc,!ot + Ntop = Vb, min (3-4)

where Nyop: axial force in the column above, 6:< f, : average (absolute value of the) stress in
the column reinforcement above and below the joint, and Vi min: minimum beam shear force
on either side of the joint, about equal to:

XM, h
Vb,min = mu{_be_ hs‘:tn —Vg_._qu’b (3-5)

Vi.min may be positive or negative. In eq. (3-5) hy, is the clear storey height — average value —
and Vg4 24 the shear force at the beam end due to gravity loads alone.

S.
XM, =054; 002c +0.5h, Wtopq_vtop)'k Nbot (= Vior ) (3-6)

where v=N/Af, top and bot index the column section above and below the joint and z.
(internal lever arm of the column) =().9d=0.8h,, eq. (3-4) yields:
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11 hg
Vjv zch['z—_"L— 2 J'*‘lnaXVg.‘.qu’b (3_7)
c b "st.n
The shear stress in the joint core is (hy: beam depth):
v,
v, = Z (3-8)
b, hy

Diagonal tension cracking of the joint core will take place when the principal tensile
stress under the combination of vj and of the mean vertical compressive stress in the joint,
Viopfc, €xceeds the tensile strength of concrete, fo. This takes place when:

A%
v; 2V, = fu f1+ top/e (3-9)
fct

(cf. eq. (4-36) in Chapter 4). According to Priestley (1997), in exterior joints with bars bent
vertically towards the joint core (instead of outwards into the column above and below)
confinement due to the bent bars increases the joint shear stress at diagonal cracking by 50%
over the value v, in the right-hand-side of eq. (3-9).

Diagonal cracking of the joint core rarely has catastrophic consequences, especially if
beams of significant cross-section frame into the joint from more than two sides. The ultimate
threat is crushing of the unreinforced joint core duc to diagonal compression. This may be
considered to take place if v; exceeds the limit:

o (3-10)
n

where: n=0.7-f,(MPa)/200: reduction factor on f; due to simultaneous transverse tensile
strains. Nonetheless, in the absense of horizontal hoops in the joint, it is doubtful that eq. (3-
10) applies after diagonal cracking of the joint. Therefore, in such joints the conservative limit
of eq. (3-9) should be considered to control the joint shear strength.

On the basis of egs. (3-1), (3-2), the limit of eq. (3-9) gives the following upper limit for
the sum of beam moments at opposite faces of the joint:

b;h
Veljnb
< < -
IMy S (3-11)
zb hg Lpn

The second term in the denominator of eq. (3-11) is neglected at the top storey. The right-
hand-side of eq. (3-11) is the upper limit of the sum of bending moments: Mgy, +Mgp2  or
Mgoi+Mge2', that can develop in the beams framing into the joint. If the value of this right-
hand-side is less than the corresponding sum(s), ZM,, determined on the basis of the flexural
and shear capacities of the beams themselves, M, and V,, it is this value that should be
compared with the sum ZMpg, of the columns. If the right-hand-side of eq. (3-11) is also less
than the sum IMg, for the columns, the column shear strength, Vy;, should be computed on
the basis of column end moments equal to the corresponding value of Mgc; or Mgc; multiplied
by the ratio of this right-hand-side to the value of Mg.1+Mg¢; at the joint. The corresponding
behaviour factor may be taken equal to q;=1.5, as, due to (partial) confinement by the
?)l;rrounding members, a shear failure in a joint is not more brittle or catastrophic than in a
am.

Similarly, egs. (3-7)-(3-9) provide the following limit to the sum of column moments

above and below the joint:
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< vebjhe—maxVe vyoqb
1 1 hy

ze Lp hst,n

(3-12)

If the value of the right-hand-side of eq. (3-12) is less than the corresponding sum, M,
determined on the basis of the flexural and shear capacities of the columns themselves, M,
and V,, it is this value that should be compared with the sum ZMgy; of the beams. If this right-
hand-side is also less than ZMgy, the column shear strength, Vg;, should be computed on the
basis of column end moments equal to the corresponding value of Mg or Mg, multiplied by
the ratio of this right-hand-side to the value of Mg.+Mgc; at the joint and the behaviour factor
may also be taken equal to g=1.5.

3.22.6 Concluding remarks

At first sight the 1977/1990 Guidelines seem to follow a force-based approach.
Nonetheless, in reality they fall in between force- and displacement-based assessment. As a
matter of fact, they may be closer to a displacement-based approach, as they employ a
comparison between the elastic storey shear demand (which according to the “equal-
displacement” rule is roughly proportional to the inelastic interstorey drift demand) to a
quantity qVpg that attempts to approximate, albeit in a rough way, the deformation capacity of
the storey as a whole, as this is determined either by the deformability of its most brittle
element(s), or by the deformation capacity of its ensemble of ductile elements, whichever is
critical.

The 1977/1990 BDPA Guidelines were implicitly based on the assumption that the
building assessed has been designed for elastic response and working stress design to a base
shear coefficient of 0.2 (like most existing RC buildings in Japan). This affects mainly the
applicability of level 1, which is based on assumed member shear strengths representative of
pre-1977 Japanese design and construction practice. This factor does not seem to adversely
affect the applicability of the level 2 and 3 approaches under more general conditions,
especially with the generalisations made in the presentation above. It is also claimed that the
validity of these guidelines is limited to buildings with less than seven storeys, because the
demand base shear coefficient is always taken from the constant spectral acceleration part of
the spectrum. For taller buildings this drawback may be overcome if the base shear demand is
based on the estimated fundamental period of the building. Indeed this is done in Notification
2089 of the Ministry of Construction issued with the 1995 law for the promotion of
strengthening, as outlined below.

The law introduced at the end of 1995 for the promotion of vulnerability assessment of RC
buildings adopts the level 3 approach of the 1977/1990 BDPA Guidelines, with some
modifications aiming at increasing its accuracy and bringing it in line with the code for the
seismic design of new buildings.

One modification is the estimation of the elastic base shear demand using the full
acceleration spectrum specified for new buildings, with the fundamental period
(conscrvatively) estimated as T=0.02H(m).

Another modification is the replacement of factor 1.5(ng+1)/(2ng+1) for the conversion of

the base shear cocfficient to one for storey i, by the factor Ai=1+2T(%/a- -0;)/(1+3T) (with

o; denoting the ratio of building weight above storey i to the total) of the current Japanese

seismic code for new buildings.

A third modification is the replacement of the structural configuration factor Sp, which
reduces the storey shear capacity for heightwise and planwise irregularities, by an increase of
the storey shear demand, through multiplicative factors specified for this purpose in the
Japanese code for new buildings. The valuc of these factors may differ from storey to storey;
it depends: a) for heightwise irrcgularity, on the ratio of a measure of storey stiffness (inverse
of storey drift under equivalent static lateral forces) to the mean value of this measure over all
storeys; and b) for planwise irregularity, on the ratio of the eccentricity between centres of
stiffness and mass to the torsional radius of the storey in the horizontal direction of interest.
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As far as the capacity side of the equation is concerned, the modification in the level 3
procedure consists in the discretisation of the g;-factors of those flexure-critical columns that
are more critical than the beams they are connected to, into three values: a) a value of 3.2 for
highly ductile columns impossible to fail in shear, b) a value of 2.2 for ductile columns
unlikely to fail in shear, and ¢) a value of 1.3 for less ductile columns still unlikely to fail in
shear.

The building is assessed as “unlikely to collapse” if at every storey and in both horizontal
directions: a) the total storcy shear strength Vy (calculated by summing the shear resistances
Vi of the individual vertical members with gi=1) exceeds the (inelastic) storey shear force
demand according to the code for new buildings, amplified for the effects of irregularities in
plan and elevation; and b) the value of qVr of the storey exceeds the elastic storey shear
demand, taken as twice the (inelastic) shear forcc demand in (a) above. If one of these two
conditions is violated at any storey, collapse of the building is considered possible. If, finally,
one of the conditions (a) or (b) is violated at any single storey by a factor of more than 2.0, the
building is assessed as “likely to collapse”. Owners of buildings of this last category are
required to strengthen their property to the level of “unlikely to collapse” at the earliest
opportunity.

323 The forced-based approach in the 1996 New Zealand (draft) guidelines
3.2.3.1 Introduction

Draft guidclines for seismic assessment and retrofitting were first released in 1996 by the
New Zealand (NZ) National Society for Earthquake Lingineering. They were prepared for the
NZ Building Industry Authority and referred to detailed assessment of individual buildings
(mainly concrete frame and wall buildings, but to a certain extcnt steel moment frames as
well).

As the document has developed since 1996 up to the time of this writing (early 2002), its
aim is to be nominated — after completion — in the NZ Building Code Handbook as a means of
compliance with the - revised - Section 66 of the NZ Building Act, which addresses buildings
not capable of adequate seismic performance. The intent is to oblige competent local or
regional authorities to consider the risk posed by hazardous buildings and provide them with
an opportunity and the means to take appropriate action. Further, the intent is to empower
competent authorities — through the amended Sections 64 and 65 of the NZ Building Act — to
require buildings not deemed seismically adequate to be made to comply with the
performance requirements applicable to new buildings as closely as practicable and within a
reasonable timeframe. It is envisaged that this may be accomplished through either active or
passive programmes. In active programmes, competent authoritics will sct target performance
levels for existing buildings, identify and prioritize the hazardous ones, and serve notice to
their owners to assess them in detail and retrofit them as necessary, at their own cost and
within a given time-frame. In passive programmes owners will be required to assess their
buildings and retrofit them, only when they apply for a alteration or change in use; moreover,
a target date (e.g. of 2020) may be set for all existing buildings to be assessed in detail and
retrofitted if necessary, regardless of altcration or change in use.

Similarly to the Japanese Guidelines and to the ENV versions of ECS8, the NZ draft
guidelines address only the life safety performance level under the hazard level intended for
the design seismic action of new buildings.

In their 2002 form, the draft guidelines include also an “initial evaluation procedure”, for
use by competent authorities engaged in active programmes, to identify and prioritize high
risk buildings, in order to ask their owner to proceed further with a detailed assessment. An
“initial evaluation” is essentially a visual assessment, supplemented with general knowledge
of the building and information from previous assessments. An experienced professional
enginecr is meant to need between 2 and 4 hours to complete one for an ordinary multistorey
building. Competent authorities may also subject buildings to a preliminary “initial
evaluation”, focusing on vulnerability features and obvious structural deficiencies, in order to
identify priority buildings to be subjected further to the full “initial evaluation”.

In their 2002 version, the draft Guidelines recognize that it is totally impractical to try to
bring (all) existing buildings up to the seismic performance standard currently applicable to
new buildings. Therefore, the draft Guidelines consider existing buildings acceptable, if they
have satisfactory performance under one-third of the design seismic action of the
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rectangular plan (1-, L-, U- or E-shaped, etc.) with aspect ratio less or equal to 2; aspect ratio
in plan not excceding 4; eccentricity between centres of mass and stiffness not greater than
40% of the parallel plan dimension. Plan irregularities with “significant” effect are those in-
between the two extremes above, including one wing in a non-rectangular plan (T-, L-, U- or
E-shaped, etc.) with aspect ratio between 2 and 3 and some collective influence of stiff
structural or non-structural elements.

As irregularitics in elevation with “severe” effect are considered any difference in mass or
lateral stiffness between adjacent storeys above 150%, or any vertically discontinued
structural clements that account, in the storeys they exist, for at least 50% of lateral stiffness.
Differences in storey mass or lateral stiffness below 100%, or vertically discontinued
structural elements accounting for not more than 30% of lateral stiffness, are considered as
irregularities in elevation with “insignificant” effcct. Intermediate cases are considered to
have an “insignificant” cffect.

Columns are classified as “short” not on the basis of their shear-span ratio, but on whether
their clear height (between confining infill walls and/or horizontal structural elements) is less
than 70% of the storey height. Their effect is deemed “severe”, if at least 60% of all columns
in a storey or on a side of the plan are classified as “short”, while it is considered “significant”
if they account for 40% of all columns in a storey or on two adjacent sides in plan. In all other
cases, their effect is considered “insignificant”.

Sites or soils with “severe” effects are considcred as those with probable liquefaction,
instability, or extensive landslide. I{ there is just potential for liquefaction or instability, or for
a landslide above the building, sites or soil effects are deemed as “significant”.

The penalty applied (as a multiplicative factor) on the SPS estimated from the first step
due to “weaknesses” of categories 1 to 4 above is equal to 0.7, if the “weakness” is
“significant”, and to 0.4 or 0.5, if the “weakness” is of category 1 to 3 (irregularities or short
columns) or 4 (site and soil), respectively.

Regarding category 5 (pounding), two sub-categories are defined: 5-a is pounding per se
and 5-b is the effect of height differences between the adjacent buildings. For 5-a, two factors
are considered, having to do with the local (impact) effects of pounding: the magnitude of the
gap between the buildings and the (maximum) misalignment of their floors. If the gap
exceeds 1% of the building height and floor misalignment is more than 20% of storey height,
or if the gap is from 0.5 to 1% of building height and floor misalignment is less than 20% of
storey height, the penalty factor is 0.8. If the gap is less than 0.5% of the building height and
floor misalignment is less than 20% of storey height, or if the gap is from 0.5 to 1% of
building height and floor misalignment exceeds 20% of storey height, the penalty factor is
0.7. The penalty factor is 0.4, when the gap is less than 0.5% of the building height and floor
misalignment is more than 20% of storcy height.

The above penalty factors for 5-a apply to RC frame buildings. In buildings with shear
walls the penalty factors quoted apply for the next range of gaps downwards (e.g. for a gap
from 0.5 to 1% the building height, the factors quoted for gaps above 1% of the height apply).

For 5-b (effect of height difference), if the gap is from 0.5 to 1% of the building height
and there is a difference of 2 to 4 storeys between the two buildings, the penalty factor is 0.9.
If the gap is less than 0.5% of building height and the difference in number of storeys is from
2 to 4, or if the gap is from 0.5 to 1% of the building height and the difference in storeys is 5
or more, the penalty factor is 0.7. If the gap is less than 0.5% of building height and there is a
difference of more than 5 storeys, the penalty factor is 0.4.

The lesser of the two values resulting from 5-a and S-b is taken as the penalty factor due to
pounding.

Penalty factors due to the five possible “critical structural weaknesses” are determined
separately for each of the two principal horizontal directions, and multiplied together to yield
a single penalty factor to be applied on the SPS-value from the first step of the procedure. The
minimum of the two products for these directions is adopted as the final SPS value of the
building according to the “initial evaluation procedure”. This final value may be increased up
to 50%, if the engineer considers that the building possesses

In closing the description of the initial evaluation procedure of the draft N7 Guidelines, it
is noted that, although evaluation of the SPS in the first step is rational, the correction of its
value in the second step to account for “critical structural weaknesses” is subjective and
sometimes excessive. Penalisation of buildings with “critical structural weaknesses”
catcgorised as “severe” or “significant” reflects the common conviction that what makes the
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difference for building performance in strong earthquakes is not the adequacy of global
strength and ductility, but the presence or not of irregularities and other vulnerability features,
such as those considered as “critical structural weaknesses” in the NZ draft Guidelines.
Nonetheless, more often than not, the difference between the values of penalty factors applied
to cases with a “severe” or an “insignificant” “critical structural weakness” seems
disproportionate. This is, for example, the case of wings in a non-rectangular plan (T-, L-, U-
or E-shaped) with aspect ratio above 3 or below 2; or the cases of aspect ratio in plan above 5
or below 4 and of eccentricity between centres of mass and stiffness above 50% or below
40% of the parallel plan dimension; or the cases of differences in mass or lateral stiffness
between adjacent storeys above 150% or below 100%; etc. It is noteworthy that the penalty
factors provided, through the modification factor Sp for structural configuration, by the
1977/1990 Japanese Guidelines for the same structural deficiencies are much closer to 1.0
(this does not mean, though, that the values in the Japanese Guidelines are much more
realistic than those in the NZ draft Guidelines). What is more important is that a single
“severe” “‘critical structural weaknesses” may be enough for characterisation of a building as
seismically inadequate, without this characterisation been confirmed later by the detailed
assessment to follow.

3.2.3.3 The detailed assessment procedure
(1)  The seismic action

As far as RC buildings are concerned, the detailed assessment procedure in the 2002 draft
of the NZ Guidelines differs little from the one described in the 1996 draft. A major
difference is that a complete procedure is now given for the determination of the seismic
action for use in the assessment — and in the retrofit design — that allows for considerable
flexibility in setting the (remaining) lifetime of the building and selecting the target
exceedance probability of the “design seismic action” during that lifetime. The ratio of these
two parameters gives the mean return period of the “design seismic action” (e.g. a mean
return period of 500 yrs. for a 10% exceedance probability in 50 yrs.). Although a lifetime of
50 yrs. is recommended as the standard (implying an unlimited life, as for new buildings),
shorter lifetimes are conceivable, under the condition that the building will be demolished at
the expiration of the lifetime considered in the assessment! Values are given for the
exceedance probability, other than the standard of 10% adopted for ordinary buildings,
depending on building occupancy and its importance for loss of life and for the post-
earthquake period. Finally, the factor by which the elastic response spectrum with a 500yr
return period should be multiplied is given, as function of the return period (for return periods
from 2 to 2000 yrs.). This factor (“importance factor” in European terminology) depends on
the seismic hazard environment and should be developed for the particular region (if not site)
of interest.

The elastic response spectrum is given for a value of damping £=5% and the correction

factor of the ENV version of Eurocode 8 is adopted for ££5% (elastic spectrum equal to the
5%-damped one times +/7/\G +2). For the inelastic spectrum, the equal displacement

approximation is adopted, meaning that the inelastic displacement spectrum is taken the same
as the elastic one and the inelastic acceleration spectrum is taken equal to the elastic divided
by the displacement ductility factor, (.

Due to various sources of overstrength and overcapacity not accounted for in usual
analysis and assessment procedures (material overstrengths, contribution of non-structural
elements, energy dissipation in diaphragms and in secondary elements, force redistribution to
adjacent members upon local member failure, effect of inelastic action on global stiffness and
damping, radiation damping, etc.), analysis and assessment should be for only two-thirds of
the seismic action corresponding to the return period of interest. This reduction of the action
by one-third should not be applied, if most of the aforcmentioned sources of overstrength and
overcapacity are accounted for, through more advanced modelling and analysis (e.g. nonlinear
time-history analysis).

The reduction of the seismic action by onc-third due to overstrength, etc., according to the
previous paragraph is additional to the afore-mentioned reduction of the action by two-thirds
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for assessment and by one-third for retrofit, for reasons of relaxation of performance
requirements for existing buildings.

(2) Analysis and assessment procedures

The 2002 draft of the NZ Guidelines quotes five types of analysis procedures: Linear
(equivalent) static, linear response spectrum (modal), nonlinear static (pushover), nonlinear
dynamic (time-history) and “simple lateral mechanism” analysis.

The two linear procedures arc well-known to the average engineer with some experience
in seismic design, but are considered possibly very inaccurate for strongly nonlinear response
and/or irregular buildings. So, they are restricted to the case of elastic response, or,
alternatively, up to a member ductility demand of 2, provided that there are no in- or out-of-
plane discontinuities in the lateral-force-resisting system, or significant irregularities of
strength vertically (weak storey) or in plan (torsional unbalance). Moreover, linear
(equivalent) static analysis is restricted to buildings of up to 30m, with an orthogonal lateral-
force resisting system and without significant irregularities of mass and lateral stiffness in
elevation or of torsional stiffness in plan (cf. definitions of “significant” “critical structural
weaknesses” of these types for the initial evaluation procedure).

Pushover analysis is recommended only if the fundamental period is less than 1 sec and
the (SRSS) base shear due to all modes accounting for at least 90% of total mass does not
exceed 1.3 times that due to the 1** mode alone. The same restriction applies to the use of the
“simple lateral mechanism” analysis, plus the additional requirement of no significant
irregularity of torsional stitfness. Pushover analysis requires the use of a (simple) nonlinear
force-deformation model for every location in the structure where formation of a plastic hinge
or brittle (shear) failure is possible. It may be performed with an inverted triangular or
uniform distribution of monotonically and proportionally increasing lateral loads, with
simultaneous action of gravity loads. The NZ draft Guidelines recommend continuous
updating of the distribution of lateral forces in this analysis, to follow the instantaneous
pattern of (inelastic) lateral displacements of the structure. Final results may not be too
different, though, from those obtained from an inverted triangular heightwise pattern of lateral
forces in 2D, or from a 1*- mode one for torsionally unbalanced structures analysed in 3D.

The “simple lateral mechanism” analysis is the major novelty in the NZ draft Guidelines.
It is a manual procedure to determine the likely collapse mechanism (with the possibility of
flexural and/or shear hinging) and its lateral strength and displacement capacity. It involves
reduction of the building to a SDOF system and approximate estimation of its yield
displacement and — therefrom - its elastic stiffness. [t has strong similarities with pushover
analysis, but cannot trace the development of plastic hinging and inelasticity in the systcm,
nor can it provide accurate estimates of its ultimate deformation capacity. For RC buildings, it
constitutes also the main focus of the detailed assessment procedure, as detailed guidance for
assessment of RC buildings on the basis of the results of the other methods of analysis is not
given.

For RC buildings the NZ draft Guidelines include a force-based assessment procedure on
the basis of a “simple lateral mechanism” analysis, as well as a displacement-based approach.
The force-based version is more familiar to engineers. In the following, the steps of force-
based assessment, on the basis of a “simple lateral mechanism” analysis, are described. Some
steps are common with the displacement-based approach.

(3)  Step 1: Capacities of members and joints; likely failure modes and location of
plastic hinges.

Step 1 in both force-based and displacement-based assessment comprises calculation of the
flexural and shear capacities of members and joints and identification of the likely failure
modes and locations of plastic hinges. For beams, columns and joints, this may be done as
described in Section 3.2.2.5(3) and (4) for level 3 of the Japan BDPA guidelines. In shear
walls, flexural and shear capacities, M, and V,, are determined for each storey. It is decided
then which one of these two capacities controls, on the basis of the value of the shear span, L,
resulting for that storey of the wall under lateral loading with an inverted triangular
distribution: if M,< My,=V, L, then flexure controls; shear controls if M,> My,=V,L;.

In addition to identifying the likely failure mode of members and joints, the potential for
soft-storey development is also examined at each storey. In frames and dual systems
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dominated by frames, this possibility is examined through the «sway-potentialy index:
Z(ZMRp)/ Z(ZMRc), first introduced by Priestley and Calvi (1991). The outer sums in this
index refer to all top nodes in the storey of interest. ZMgy, is the sum of moment capacities at
the end sections of the beams framing in a joint, Mgot +Mgpz* or Mpp1 +Mgpz™ (the value of
Mgy may be controlled by the associated beam shear strength, V,, if the value of VL is less
than the ﬂexural+ strength, M,, of the beam end section); similarly for ZMg, (i.e. for Mg’
+MRre2” or Mgei +Mge2) at the column sections above and below the joint. The concept
underlying this index is that for a soft-storey to develop, plastic hinges need to be formed not
just in few, but in most columns of the storey. In the NZ draft Guidelines the limit of
%%:MRb)/E(ZMRc) for soft-storey formation is conscrvatively taken equal to 0.85 instead of

An important'end result of Step 1 is the shear resistance Vyg; at each storey of every
vertical element.

(4)  Step 2: Ultimate base shear

In Step 2 of the force-based approach, the ultimatc base shear is estimated in each of the
two principal horizontal directions for a postulated inverted triangular heightwise distribution
of lateral forces. Three differcnt approaches arc suggested for this estimation: a) a
conservative one based on linear static analysis, with the ultimate base shear taken as that at
first yielding anywhere in the structure; b) an (unconservative) limit analysis of the most
likely (column or beam side-sway) failure mechanism identified in Step 1; or ¢) a more
accurate incremental nonlinear static (pushover) analysis.

In the first approach a linear elastic analysis under lateral storey loads with inverted
triangular distribution and a base shear of unity, may be employed to determine the value of
the seismic base shear at first attainment of a member flexural or shear capacity anywhere in
the structure, with simultaneous action of the gravity loads. This value is a lower limit to the
ultimate base shear.

In the second approach the shear resistances, Vg, of the individual vertical elements
determined in Step 1 are summed up to provide an estimate of the storcy ultimate shear, V. It
is determined then at which storey this ultimate shear is first attained, under lateral loads with
inverted triangular heightwise distribution. The corresponding value of the base shear is an
upper limit to the ultimate base shear.

The pushover analysis of the third approach requires the use of a (simple) nonlinear force-
deformation model for every location in the structure where formation of a plastic hinge or
brittle (shear) failure is possible. This model may be linear-elastic until the corresponding
force capacity is reached, with almost perfectly plastic behaviour thereafter for plastic hinging
in members with medium-high shear ratio (M/Vh>2), or with shedding of the load in
members or joints failing in shear. The ultimate base shear is identified from the peak of the
base shear — top displacement diagramme and is typically lower than the upper limit estimated
through the second approach. The base shear at the point where this diagramme first departs
from linearity corresponds to first plastic hinge formation or failure in the structure and
coincides with the outcome of the first approach.

The third approach requires more advanced computational tools and significantly more
effort than the other two. Nonetheless, its results are more accurate and reliable. Moreover it
can take into account the effects of torsion due to eccentricities in plan, provided that it is
performed in 3D under lateral loads with a planwise distribution in each storey which is
representative of torsional phenomena.

Unless the structure is symmetric with respect to a plane perpendicular to the direction of
the seismic loading, in any of the three approaches the ultimate base shear should be
estimated for both senses of action (positive or ncgative). The lower of the two so-determined
values should be adopted.

The ultimate base shear may be divided by the total weight of the building to give the
corresponding base shear coefficient (in g’s). -

(5)  Step 3: Fundamental translational period of elastic structure

In Step 3 the fundamental translational period of the elastic structure in each one of the
two principal horizontal directions, T, i1s computed, considering the members as cracked.
The NZ Guidelines refer for this purpose to the NZ code for seismic design of new structures,
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but cite also cracked stiffnesses as low as one-quarter of those of uncracked members.
(Simple procedures for the estimation of the secant-to-yield stiffness of RC members are
described in Chapters 4 and 5 of this report). If no eigenvalue analysis of the (cracked)
structure has been performed so far, e.g. to establish the height- and plan-wise pattern of
lateral loads to be used in the “pushover” analysis, the fundamental translational period may

be computed through the Rayleigh quotient, i.e. as: T= 27t\/2m18i2 /2E; , with §; denoting
the horizontal displacements due to lateral forces F; applied to the masses m; of the structure.
These forces may have any heightwise distribution, but preferably an inverted triangular one.
The displacements &; in the direction of these forces may be computed from a linear static
analysis, such as the one required for the estimation of the lower bound of the ultimate base
shear in the first approach of Step 2 above, or the first (elastic) phase of the pushover analysis
in the third approach therein.

(6)  Step 4: Required global displacement ductility factor

In Step 4 the fundamental elastic period(s) calculated above and the ultimate base shear
coefficient estimated in Step 2, are utilized to determine the required global displacement
ductility factor, pg, from the inelastic (us-dependent 5%-damped) acceleration response
spectrum. As noted already, the NZ draft guidelines adopt an inelastic acceleration spectrum
equal to the 5%-damped elastic spectrum divided by ps. For a different seismotectonic or
regulatory environment the required value of the behaviour factor @ may be computed as the
ratio of the elastic spectral acceleration (in g’s) at the given period T, to the ultimate basc
shear coefficient from Step 2. This value of q may be converted then to a corresponding
displacement ductility factor, Wy, through a ¢-ps-1 relationship. A good approximation is is to
take py=q if the value of T lics in the velocity- or displacement-controlled range of the
spectrum (T>T;); for the acceleration-controlled region, i.e. if T is less than the transition
period T, between these two spectral regions, the relation proposed by Vidic et al (1994) may
be used:

s =1+ (g -1)%for T<T, (3.13)

(7)  Step 5: Member and global ductility and deformation capacity

In Step S it is checked whether the available member ductility and deformability is enough
to provide the required global p; value determined in Step 4. The NZ draft Guidelines provide
rule-of-thumb rules for the estimation of the available ps-value on the basis of the likely
failure mechanism and of as-built member detailing. A value pg=1.5 is recommended for
frames with more than two storeys which develop column side-sway mechanisms. A value
between us=2 and us;=06 is suggested for all other cases of frames, depending on whether the
transverse reinforcement in the most likely plastic hinge regions respects the detailing rules of
the NZ code for new structures (for pus=6), or not. These rules require closed stirrups at a
spacing: sp<6d, (dp= diameter of longitudinal bars) and s,<0.5d in beam potential plastic
hinge regions, or s;,<d/4 in those of columns. Within these latter regions the NZ code for new
structures requires also confining reinforcement at a volumetric ratio of at least 0.01(1+2.85v)
(v=axial load ratio) within column end regions up to a distance of (1+2.85v)h, from column
ends. If stirrups in potential plastic hinge regions are not fully closed, or if their spacing, sy, is
larger than 16dy or 0.5d, the NZ draft Guidelines specify the value: u;=2 for the available
global displacement ductility factor. In intermediate cases, selection of the appropriate value
of us is up to the engineer.

The NZ Guidelines suggest also a more fundamental approach for the estimation of u;, on

the basis of the available ductility supply at all plastic hinge locations and of its conversion to
a global pg-value at first exhaustion of the ductility supply at a plastic hinge. The ductility
supply of a hinge may be expressed in terms of the plastic rotation capacity: 8,=Lui(@u-¢y),
estimated from the member ultimate curvature, ¢,, yield curvature, ¢y, and plastic hinge
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length, Lp. (Expressions for these quantities in terms of the geometric and material

characteristics of the members are given in Chapters 4 and 5 of this report).

A “pushover” analysis can also be used for the calculation of the available global ductility
factor ps. Within such an analysis occurrence of the ultimatc top displacement, 8, is
identified with: a) exhaustion of deformation capacity at one of the plastic hinges which are
included in the model with a hardening branch extending indefinitely; or b) load-shedding at a
location of potential brittle (shear) failure, which causes a drop in the value of the base shear.
The so-determined ultimate top displacement, 3, is divided by the top displacement at global
yielding, 8y, to give the available displacement ductility factor: us=0,/8y. The yield top
displacement, &y, is typically determined from the intersection of two straight lines fitted to
the (top) displacement vs. (base) shear diagram from the “pushover” analysis: one fitted to the
initial elastic branch and another to the post-elastic one terminating to the ultimate top
displacement

According to the NZ draft Guidelines in the determination of member deformation
capacity - point a) of the previous paragraph - the reduction in member shear strength with the
(flexural) ductility demand should be considered and uscd to check whether the (flexural)
failure mechanism considered so far changes into one governed by shear. More specifically,
the contribution of concrete, V. to shear strength, V,, is taken to decrease with increasing
inelastic flexural deformations within the shear span L. Following Priestley et al (1994) and
Priestley (1995), the NZ draft Guidelines assume that when p, increases from 3 to 7, the
concrete contribution to shear strength, V., decreases by a factor of 4 in beams or of about 3
in columns in uniaxial bending; for biaxially loaded columns the reduction of V. by about a
factor of 3 is effected when p, increases from 1 to 5. This means that at a member end
identified in Step 1 as failing in %ending because M,< Mv,=V.Ls, the reduction of V, with the
value of the curvature ductility factor, p,=¢./¢,, may cause the value of My,=V,L to drop
below the flexural strength M,. This implies failure of the member at the value of , for
which V,=M,/Ls. This p,-valuc is used then for the member, instead of the higher flexure-
dominated one.

Assessment ends with the comparison of the y, values computed in Steps 4 and 5.

Member Flexural Strength Member Shear Strength Member Plastic Hinge Rotation Capacity
L ]
1
Member Deformation Capacity
L ] !
Base Shear Capacity (Vy) Failure Mechanism Storey Drift Capacity

[ ]
I

Yield and Ultimate Structure Displacement: AK A,.
Structure Displacement Ductility: P’A=Ay/ Y

]

Equivalent Structure Characteristics
Ker=Vy/B, 2 T Ha 28

1

Structure Displacement Demand
{displacement spectrum, T 5} = 4,

A, /84~ Annual probability of exceedence p

Upgrade

Fig. 3-1: Displacement-based assessment according to Priestley (1995, 1997). (from CEB, 1997)
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3.3 Displacement-based procedures for seismic assessment
33.1 The displacement-based detailed assessment procedure in the New Zealand
draft guidelines

3.3.1.1  Background and overview of displacement-based design, assessment and retrofit

Several recent studies (Moehle, 1992, Calvi and Pavesc, 1995, Kowalsky er al., 1995)
have introduced the concept of ‘displacement-based design’ (DBD) as a logical and rational
alternative to the currently used ‘force-based design’. In this approach, a structure is designed
for a target deformation criterion, whilst strength and stiffness become end-products of the
design (or redesign) procedure. Since capacity design requires control on the deformational
demand and supply at dissipative zones, it blends perfectly with displacement- (or, morc
generally, deformation-) based design. Such an approach to seismic design clearly requires a
higher level of control over the local behaviour of members and their global effect on the
seismic response of a structure.

A displacement-based assessment methodology has been proposed by Priestley (1995,
1997). It follows the procedure in the flow chart of Fig. 3-1. Strength in both flexure and
shear, as well as inelastic rotation capacity are firstly evaluated. The strength is used to
determine the base shear capacity (V) and failure mechanism. For the evaluation of the latter,
Priestley & Calvi (1991) proposed a sway potential index S, based on the comparison of the
flexural capacities of beams and columns at all joints at a given storey level. Rotation capacity
in the expected plastic hinge of the members may be computed from moment-curvature
analyses or simplified expressions in the literature and is used to determine the dcformation
capacity of the member. A check on the shear strength is required to assess the possibility of
the development of a flexural failure mode; otherwise shear failure controls the deformation
capacity of a member. The latter enables calculation of the storey drift capacity, which,
together with the expected failure mechanism is used to evaluate the yield and ultimate
displacement capacity of the structure (4, and A,) and its displacement ductility (&,). To this
end, inelastic pushover analysis or more simple expressions in (Priestley, 1997) may be used.

To complete the assessment procedure, the displacement demand (A,) needs to be
determined. This is accomplished by considering the dynamic characteristics of the substitute
system in terms of effective period and equivalent damping (e.g. Borzi ef al., 1998) and the
displacement spectra (e.g. Bommer et al., 1998). The ratio A,/ A, is then used to assess the
seismic risk associated with the structure, as conceptually shown in Fig. 3-2. The annual
probability of the displacement ratio being exceeded (p), considered as the true risk to the
public (Priestley, 1997) is employed here. If the value of p is lower than the specified target
value, the structure does not need retrofittig. Otherwise, structural intervention is required.
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Fig 3-2: Relationship between annual probability of exceedence and displacement ratio (from CEB, 1997)

The three parameters governing displacement-based design (DBD) and assessment
according to Priestley (1995, 1997) are period, equivalent damping and global displacement.
Period (T.p) is the secant value at the target displacement; hence it becomes a function of the
stiffness (l{/erein defined as the secant stiffness at yield), strength and maximum displacement.
The equivalent damping (&) is a function of the level of ductility, for it is mainly contributed
to by hysteretic energy dissipation. If separate control of stiffness, strength and ductility is
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afforded to the designer (in a displacement-based assessment leading to strengthening
redesign), then more than one solution to achieve the target DBD objective is availed of.
Hence, selective intervention techniques, described in great detail in Chapter 5 of the report,
blend well with displacement-based approaches. Such an intervention philosophy is
conceptually described in Fig. 3-3. The original structure may have a supply-demand
displacement ratio (A./As; where A, is the displacement capacity of the structure and A,
represents the displacement demand) that does not meet the target safety requirements. The
three intervention scenarios present diffcrent solutions to address such a situation, either by
targeting the elastic stiffness of the structure (X,), its strength (¥}) or its ductility (u). Which
solution is more economical and feasible depends on the case being studied, considering both
the structure characteristics and the displacement spectra for different damping levels. Whilst
an increase in the level of equivalent damping will decrease the displacement demand,
changes in the effective period of vibration of the structure may or may not be beneficial,
depending on the spectrum shape and location of the initial Ty
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Fig. 3-3: Variation in DBD design parameters due to selective intervention: (a) stiffness; (b) strength; (c)
ductility.

3.3.1.2  The steps of the displacement-based assessment procedure

The displacement-based approach for assessment of RC structures in the NZ draft
Guidelines follows Priestley (1995, 1997). Instead of the elastic stiffnes and the global
displacement ductility factor of the SDOF system and the inelastic acceleration spectrum of
the force-based procedure, it uses the secant stiffnes to peak displacement of the SDOF
system, a damping value consistent with this displacement and a damping-dependent
displacement spectrum. It is considered more rational and generally produces less
conservative results.

In the following the steps of the procedure for RC frames are described.

(1)  Step 1: Capacities of members and joints; likely failure modes and location of

plastic hinges.

Step 1 of the displacement-based approach in the NZ draft Guidelines consists of
identification of the likely failure mechanism and is essentially identical to Step 1 of the
force-based procedure. Identification of the potential for soft-storey formation is important for
Step 3 of the displacement-based approach.

(2)  Step 2: Member deformation capacities

Step 2 comprises calculation of deformation supplies at potential plastic hinges, in terms
of the associated plastic rotation capacities: Opo=Lyi(@4-@y) (cf. Step 5 of the force-based
approach). The possible limitation of plastic rotation capacity due to reduction of the shear
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strength, V,, to the point that it becomes controlling is also recognised, as in Step 5 of the
forced-based approach. It is noted that plastic hinge rotations computed in this way reflect
mainly flexural deformations and do not fully capture the effects of shear deformations and
bar slippage from their anchorage zone beyond the member end.

(3)  Step 3: Global deformation capacity

Step 3 of the procedure estimatcs the global displacement capacity of the structure, as this
is determined by deformation capacity of its members. This may be accomplished through a
pushover analysis in the horizontal direction of interest. The outcome of the pushover analysis
1s the (work-equivalent) lateral displacement of the structure at attainment of the deformation
capacity at one or more locations therein. The equivalent lateral displacement, 8., may be
taken such that the work produced through it by the resultant of the lateral forces, F; (i.e. the
basc shear), is equal to the work of thc forces Fiacting on the corresponding nodal
displacements &;: 8.=ZF;0/ZF;. For an approximately inverted triangular heightwise pattern of
d,, 1t is convenient to think of 8 as the lateral displacement at the point of application of the
resultant force Y F; at a height her from the base of the structure. The values of &: a) at peak
force or at ultimate, 3,, and b) at yielding, d,, both determined as described above in Step 5 of
the force-based approach, give the available displacement ductility factor: puz=8./0,.

It is noteworthy that the "pushover" analyses possibly used in Step 3 of the NZ
displacement-based approach and in Step 2 of the force-based one differ only in what we
want to get out of them: the value of the ultimate base shear from the latter, versus that of the
corresponding equivalent lateral displacement at ultimate, &, from the former.

For structures which have a simple configuration and are symmetric in plan, the NZ draft
Guidelines suggest simple expressions for the conversion of the plastic rotation capacity, 6.,
of the controlling plastic hinges into an ultimate value for the equivalent lateral §,, and for the
displacement ductilty factor, ps, of the structure, depending on its most likely plastic
mechanism. These expressions are developed on the basis of the observation that the
displacement at the height her of application of the resultant IF; of lateral forces can be
expressed as: 8,=0p1,+8, (implying: ps=1+0,,/8y), with 8,1, denoting the plastic part of the
ultimate displacement. The value of 8y, is determined from a postulated heightwise pattern of
the plastic lateral displacements, considered to hold when the controlling plastic hinges reach
their plastic rotation capacity, Op1u:

1) If a beam-sway mechanism is expected, which is always accompanied by rotations at
the base of all bottom-storey vertical elements (be it due to plastic hinging there or to
the compliance of the foundation soil), then in all likehood the most critical storey is
the bottom storey. At ultimate dcformation the plastic part of the drift ratio in that
storey is equal to the plastic rotation capacity of its elements, 0, ,, and represents the
maximum storey plastic drift throughout the structure. In dual structures dominated by
shear walls, or in frame structures with a number of storeys, ng, up to 4, the heightwise
pattern of plastic lateral displacements may be considered as inverted triangular,
implying: dpy=he®p ,.=2/3H0Op u. In frames with ny greater than 4, the plastic part of
the storey drift may be considered to decrease from the base to the top. If this
reduction is parabolic, then he=5H/8 and 8y ,=0.56 yher. So the NZ draft Guidelines
recommend:

— For dual structures dominated by the walls, or for frame structures with ny<4:

8p1u=0.64H6y ,, ts=1+0.64H6), /5, (3-14)
— For highrise frames (n=>20):

Op1,u=0.44H0,, », Ys=1+0.44H8,, /S, (3-15)
— For frames with 4<n,<20:

Op1,u=[0.64-0.0125(ng-4)JHOp 4, 1s=1+[0.64-0.0125(ny-4)] HOp /8y (3-16)

The first case above may be extended to buildings expected to develop a beam-sway

mechanism not throughout the total height H of the building but from a height h; above
the base up to the top (meaning that at ultimatc the part of the building up to a height h;
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from the base remains elastic). [n such buildings the term H6p,, in eq. (3-14) should be
multiplied by (1-hy H)*(1+0.5hy/1).

2) If a soft-storey is expected to develop at a storey which starts at a height h; from the
base (hi=0 at the bottom storey), plastic deformations are assumed to take place only in
that storey, which at ultimate develops a plastic drift ratio equal to 6,,. Above that
storey plastic horizontal displacements are equal to Oy, times the height of the soft
storey, hy. We have then:

Spu=he@pu(1-h/HY,,  pg=1+hyBp.(1-h/H)S, (3-17)

For comparison of eq. (3-17) with egs. (3-14)-(3-16), for a building with constant
storey height the value: hy=H/ny may be used in eq. (3-17).

The value of 8, in eqs. (3-14)-(3-17) may be taken cqual to the mean value of Lyi(Qu-@y)
at the base of the vertical elements of the most critical storey - i.e. of the soft-storey in eq. (3-
17), or of the lowest storey in the beam-sway mechanism for eqs. (3-14)-(3-16). In the special
case that, instead of a plastic hinge, a "fixed-end-rotation” develops at the base of the vertical
elements due to foundation compliance, the value of 8, may be taken equal to the mean
value of L(qy-@y) at the tops of the columns of the soft storey for eq. (3-17) or at the ends of
the beams of the bottom storcy for egs. (3-15) and (3-16), or to thc minimum storey-average
value of Lyi(@u-¢,) among all the storeys of the plastic mechanism for eq. (3-14). Obviously
the contribution of the “fixed-end-rotation” at the base to the value of d, at global yielding
should be included.

(4)  Step 4: Estimation of displacement demand.

In Step 4 the displacement demand due to the seismic action is estimated. To this end the
NZ draft Guidelines adopt the Shibata and Sozen (1976) “substitute structure” approach, as
outlined in 3.3.1.1: the peak value of the equivalent lateral displacement of the structure is
estimated from the elastic response spectrum entered at a period corresponding to the secant
lateral stiffness at peak response and at a valuc of damping & which is a function of the
ductility factor, ps. As the peak displacement response is equal to pg times the yield
displacement, 8y, and the corresponding force is approximately equal to the yield value V, of
the base shear (or to [p(us-1)+1]Vy for non-zero hardening ratio p), the secant stiffness at peak
response is equal to the elastic lateral stiffness Ky=V,/8, times 1/us (or times [p(ps-1)+11/u;
for p#0). So the period of the “substitute structure” 1is equal to:

T=2m/(M/K ¢ g/ Glts — 1)+1) = Ty » with: Te=2nyM/K,, denoting the fundamental

period of the elastic structure with cracked member stiffnesses. According to Shibata and
Sozen (1976) the damping factor, &, is:

£ (%)=2+200-1/:ig ) (3-18)

For pug>4, the value of § may be taken independent of g in the range 20%-25%. It is reminded
that the elastic spectra for £#£5% are taken in the NZ draft Guidelines equal to the 5%-damped
ones times ./ TTE+2). For E between 20% and 25% the value of this reduction factor is
between 0.5 and 0.55.

The displacement demand is determined either directly from an elastic displacement
spectrum or by multipling the elastic spectral acceleration by (T/2m)%. It is worth mentioning
that: a) as the cracked member stiffnesses used for the calculation of the elastic period Te may
be in the order of one-quarter of those of uncracked members and b) as the effective period of

the “substitute structure” T='l"e|\/,g may be much longer than T, the final value of T may

end up at the tail of the acceleration spectrum, i.e. in a region which is poorly represented by
the usual code spectra. The assessment concludes with a comparison of the demand value of
the cquivalent lateral displacement from Step 4, to the supply value of uz0, from Step 3.
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3.3.2 The 1997 NEHRP Guidelines and the 2000 ASCE Prestandard for seismic
rehabilitation

33.2.1 Introduction

Despite their title, the NEHRP “Guidelines for the Seismic Rehabilitation of Buildings”
(ATC, 1997a, and b, commonly known as FEMA 273/274, and their follow-up ASCE
“Prestandard for the Seismic Rehabilitation of Buildings” (ASCE, 2000, commonly known as
FEMA 356) put little emphasis on rehabilitation and more on assessment. They are essentially
comprehensive State-of-the-Art documents on rational quantitative seismic assessment of
existing buildings of concrete, steel or cast iron, masonry and timber construction.

As far as retrofitting is concerned, these documents list the various possible strengthening
techniques for members or structures, without giving details for their application or
proportioning. The retrofitted building has to go through the same seismic assessment
procedure as the unretrofitted one and has to fulfil the verification criteria that the
unretrofitted building failed to satisfy.

The coverage of: a) performance objectives and requirements, b) the Seismic Hazard and
¢) modelling and analysis in the 1997 NEHRP Guidelines for rehabilitation is more complete
than in the corresponding NEHRP document for new structures (BSSC 2001), and may
indeed form the basis for a future comprehensive code-type document for both new and
existing buildings. These broad and ground-breaking State-of-the-Art documents have already
exerted a profound influence on worldwide code-writing efforts and - as a matter of fact - of
engineering practice, both for existing and for new structures.

An extensive programme of trial application of the 1997 NEHRP guidelines by design
firms to real buildings, presented in FEMA report 343, provided valuable feedback regarding
the user-friendliness, the technical completeness, cost-effectiveness, etc. of the guidelines.
Three RC frame buildings, five RC shear wall buldings and three RC buildings with masonry
infills were included in the trial application. Conclusions of the trial applications formed the
basis for the revision of the NEHRP Guidelines and their upgrade into ASCE prestandard
(ASCE 2000). This (pre)standard is intended to be applicable throughout the US, for adoption
and enforcement by the pertinent code officials in any directed (mandatory) seismic
rchabilitation programme, or for reference by owners in voluntary rehabilitation projects.

The review herein of recent US developments in seismic assessment is based mainly on
the most recent document, namely the ASCE prestandard (ASCE, 2000). In the following the
relevant FEMA documents will be collectively termed: “Seismic rehabilitation guidelines and
prestandard”.

Prior to being subjected to a full assessment according to the seismic rehabilitation
guidelines and prestandard, it is recommended that a building goes through the first two tiers
(or levels) of the preliminary seismic evaluation procedure of FEMA 310 (ASCE 1998, ASCE
2001), for the identification of its seismic deficiencies. This recent document, which is also
currently upgraded into an ASCE draft standard, is also overviewed herein in 3.3.3. Seismic
assessment according to FEMA 310 is qualitative or simplified quantitative (in that seismic
analysis of the full building is either not required or done with simpler procedures). It aims at
the identification of the seismic deficiencies of the building, as well as at screening out those
buildings which clearly have sufficient strength to render any further consideration for
retrofitting unnecessary. It is noteworthy that thc acceptance (i.e. verification) criteria in
(ASCE 1998, 2001) apply only to the existing building and its members, whereas those of
FEMA 273 (ATC 1997a) and 356 (ASCE 2000) apply uniformly to the as-built existing
members, to the retrofitted members and to the new ones which may be added for
strengthening. To reduce the number of buildings identified as deficient and in need of
retrofitting, the acceptance criteria in (ASCE 1998, 2001) arc generally less stringent than the
corresponding criteria in FEMA 273 or 356. As a result, buildings assessed per FEMA 273 or
356 as marginally deficient, may be assessed as seismically adequate according to (ASCE
1998, 2001).

3.3.2.2 Classification of elements and of modes of behaviour

According to the seismic rehabilitation guidelines and prestandard, and unlike what is
typically done for new structures, all building elements (termed components) deemed
important for earthquake resistance (including, e.g., masonry infills) arc included in the
analysis model. Moreover their available capacity is fully used to the benefit of the seismic
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resistance of the structure, if appropriate. To this end structural and non-structural
components are classified as “primary” or “secondary”. The structure can rely on its
“primary” components for its earthquake resistance and stability against collapse, regardless
of any cyclic degradation in their strength and stiffness. For “secondary” components, what
matters is only their gravity-load bearing capacity under the maximum displacements or
deformations induced by the earthquake. It is noted that the distinction between “primary”
and “secondary” components is essentially equivalent to that of members which belong to the
lateral force resisting system, or not, traditionally made in US codes for earthquake-resistant
design of new buildings. The new terminology has already been adopted by other
international codes, such as Eurocode 8, for both new and existing buildings.

Verification criteria for the “primary” and the “secondary” components are typically
defined in terms of the corresponding peak seismic deformation supplies and demands. The
deformation supplies specified by the seismic rehabilitation guidelines and prestandard are
more liberal (less conservative) for the “secondary” components than for the “primary” ones.
The engineer is free to assign a structural component to the class of “primary” or to that of the
“secondary” ones, provided that this component is appropriately considered in the analysis
and satisfies the corresponding capacity-demand verification criteria. The engineer may also
re-classify some components as secondary in the evaluation, to benefit from the less
demanding criteria for them, provided that their low and unreliable stiffness and strength
under cyclic loading is appropriately recognised in thc model. Non-structural components,
such as masonry infills, wﬁich account for a significant part (more than 10%) of the global
lateral stiffness, can only qualify as “primary” components, since they play no role in the
support of gravity loads and hence cannot be classified as “secondary”.

The evaluation of existing building components and the verification of new or modified
ones in the rehabilitated structure are based on a capacity-demand comparison in terms of
either deformations or forces, if in the particular mode of behaviour examined (i.e. in flexure,
in shear, axial load, etc.) the component is characterised as “deformation-*“ or “force-
controlled” respectively. Primary components with an available displacement (or chord
rotation) ductility factor less than 2, or secondary ones which shed their load abruptly after
ultimate strength, are considered as force-controlled. As force-controlled are classified: the
primary beams, columns and joints (but not the primary walls) in shear, and the primary
columns for bond and splicing or against very high axial compression (axial load ratio v
greater than 0.7, or columns supporting discontinuous shear walls). All other modes of
behaviour are classified as deformation-controlled. This is a generalisation of the distinction
between “ductile” and “brittle” elements and behaviour modes, with implications for the
verification formats and criteria.

3.3.2.3  Performance requirements

In the spirit of performance based seismic engineering, introduced in the first half of the
‘90s by the famous Vision 2000 document (SEAOC, 1995), Ferformance requirements are
expressed in terms of “Performance Objectives”, i.e. of (typically more than one)
combinations of “Performance Levels” (Limit States which detcrmine the required contponent
capacity) at specified “Seismic I1azard” levels (which determine the component demands).

A generic and very detailed presentation of performance levels and objectives for seismic
assessment and retrotit has been made in Chapter 2, Section 2.4, of this report. For
convenience, the definitions of the key structural performance levels used in the FEMA
273/356 documents are repeated here: At the “Life Safety” (LS) level the structure is stable
with considerable reserve capacity (e.g. against aftershocks), while non-structural damage is
controlled. At the “Collapse Prevention” (CP) level the structure is barely standing and any
kind of damage other than collapse is acceptable. Finally, at the “lmmediate Occupancy” (10)
level the building may return to normal occupancy after minor repair.

In the US, Seismic Hazard is typically defined in terms of the 475-year earthquake (10%
exceedance probability in 50 years) and the "Maximum Considered Earthquake” (1.5 times
the characteristic event of known major faults, or, where no such faults can be identified, the
2500-year earthquake, i.e. the one with 2% cxceedance probability in 50 years). Two-thirds of
the Maximum considered Earthquake may be used instead of the 475-year event. An
“Occasional” earthquake is also defined, with a mean return period of 225 ycars and 20%
exceedance probability in 50 years.
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An (existing or rehabilitated) structure of ordinary importance normally has to meet the
“Immediate Occupancy” performance level under the “Occasional” earthquake, the “Life
Safety” performance level under the 475-year event and the “Collapse Prcvention”
performance level under the Maximum Considered Eartquake. The importance and criticality
of the building, or the owner himself, may dictate a higher “Performance Objective”, e.g.
meeting the “Immediate Occupancy” and the “Life Safety” objectives under the 475-year and
the 2500-year earthquakes respectively. Alternatively, to avoid retrofitting or to reduce
retrofitting costs, the owner may limit the “performance objective” to fulfilment of the “Life
Safety” performance level under the 475-year earthquake, without “Collapse Prevention”
under the 2500-year event.

Explicit verification of the components of the (existing or retrofitted) structure at all
selected performance levels is required. At the “Collapse Prevention” level member
deformation capacities are taken at ultimate strength for “primary” components, or at ultimate
deformation for “secondary” ones. At the “Life Safety” level, member deformation capacities
are reduced by a (safety) factor of 4/3 over those applying at “Collapse Prevention”. As noted
in 3.3.2.6, if “secondary” components are included in the analysis, with models that account
realistically for the degradation of their behaviour and of their properties with large cyclic
deformations, then the deformation capacity of “primary” components may be taken at the
same level as in “secondary” components, i.c. at ultimate deformation at the “Collapse
Prevention” performance level, or at 3/4 of that deformation at the “I.ife Safety” level.

It is reminded that current seismic design codes for ordinary new buildings require
verification of structural components only at the “Life Safety” performance level. If the
associated verification criteria are satisfied, it is presumed that, due to: a) the hierarchy of
strengths and failure modes achieved through the application of capacity design, and b) the
seismically favourable configuration typically achieved through proper conceptual design and
the structural regularity promoted by current codes, a new earthquake-resistant structure
possesses the necessary safety against “Collapse Prevention” under earthquakes much
stronger than the one for which the “Life Safety” performance level has been verified.
Existing structures do not have these safeguards built-in by design, and hence need to be
explicitly verified for the “Collapse Prevention” performance level under the corresponding
“Hazard Level”.

3.3.2.4  Seismic analysis procedures

In the seismic rehabilitation guidelines and prestandard, the horizontal components of the
seismic action are defined in terms of uniform-hazard 5%-damped elastic response spectra,
specified through the values of spectral acceleration and spectral pseudovelocity in the
acccleration- and in the velocity-controlled ranges, after correction for the effect of subsoil
conditions. Member deformation demands for these horizontal components may be
determined either by linear or by nonlinear analysis, static or dynamic.

Linear analyses basically employ the equal displacement rule (which states that peak
response displacements in the 5%-damped linear and in the nonlinear system are about equal)
to estimate peak structural displaccment demands, with possible correction through empirical
coefficients for short-period and P-A effects (hence the method of estimation of inelastic
displacements employed in the FEMA 273/356 documents is often called the ”Coefficient
Method™). For example, the correction for short-period effects is essentially based on eq. (3-
13) by Vidic et al (1994). These corrections are normally unimportant and not essential for
RC structures. The equal displacement rule, with similar corrections on the displacements (per
eq. (3-13)), is also employed in the nonlinear static analysis to estimate the peak displacement
demand at roof level. For buildings with more than two storeys and with fundamental period
less than 1 sec, displacement estimates obtained from linear (equivalent) static analysis are
reduced by 10% or 20% in frame or wall buildings, respectively, to account more realistically
for the mass participation in the fundamental mode.

The linear static analysis is performed with a heightwise variation of floor accelerations
between inverted triangular (for T<] sec) and parabolic (for T=2.5 sec).

The nonlinear dynamic procedure employs time-historey analysis of the response to a
suite of (at least three, but preferably at least seven) spectrum-compatible horizontal motion
components. The time-historeys of these components may be fully artificial, or may emulate
historic motions as far as phasing, duration and intensity function are concerned.

All four types of analysis procedures should: a) account for both senses of action of each
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horizontal component, b) be performed preferably in 3D and c) take into account multi-
directional component effects (with simultaneous excitation in both horizontal directions for
time-historey analyses, or through the 1:0.3 or SRSS combination rules in the other cases),
diaphragm non-rigidity, the unfavourable effects of natural and accidental torsion, soil
compliance (including nonlinearity and uplift) and P-A effects. The elastic stiffncss of RC
members should include the effects of flexural and shear cracking and of reinforcement
slippage or pull-out from the anchorage zones, as well as participation of a large effective
flange width in compression and tension. Indicative values of this flange width given in the
seismic rehabilitation guidelines and prestandard, around 50% of the stiffness of the
uncracked gross section, are considered as unrealistically high, possibly leading to
understimation of displacements and of member deformation demands.

(1)  Applicability conditions for analysis procedures

Linear analysis is permitted only if the nonlinearity of the response is limited and
uniformly distributed throughout the structure. Namely this type of analysis is allowed if: a)
the linearly estimated force demands no-where exceed capacities by more than a factor of 2
(i.e. inelastic action and expected damage is very limited), b) the demand-capacity-ratio
(DCR) on one side of a storey is not greater than 150% of the value of that ratio on the other
side of the plan (torsionally balanced strength) and c¢) the storey-average DCR value does not
vary from storey to storey by more than 25% (weak storcy effects).

If higher mode effects are unimportant (i.e. if: a) the height is less than 30m, b) plan
dimensions vary from storey to storey by less than 10% and c) the interstorey drift ratio
differs from one side of the plan to the opposite or from one storey to the next by less than
50%) linear analysis may be (equivalent) static. Otherwise it should be modal, of the response
spectrum type, with CQC (complete quadratic combination) of peak modal responses.

Unfortunately the limitations for the application of the linear elastic analysis are not only
very stringent but also such that their fulfillment can be checked only after the analysis has
been completed. The same applies to the selection between its (equivalent) static and modal
versions.

The above material-wide limitations of the seismic rehabilitation guidelines and
prestandard for the application of the four possible analysis procedures imply that for cast-in-
place RC buildings without masonry infills the most appropriate analysis procedure is the
following:

o For low- or medium-rise buildings, expected to develop limited inelastic action and
damage at the performance level of interest, linear analysis may be used, static if the
building is regular in plan and elevation, dynamic if it is not.

« For tall buildings expected to develop limited inelastic action and damage at the
performance level of interest, linear dynamic (modal) analysis should be used.

« For any building - other than those of the case below - expected to develop significant
inelastic action and damage at the performance level of interest, nonlinear static
(pushover) analysis should be used.

« For tall heightwise irregular buildings, expected to develop significant inelastic action
and damage at the performance level of interest, nonlinear dynamic analysis should be
used.

» For infilled RC frames only nonlinear static analysis is recommended as appropriate.

o For precast buildings, including those with tilt-up construction and shear walls for
earthquake resistance, only static analysis is considered appropriate. The static analysis
needs to be nonlinear only in irregular precast buildings expected to develop
significant inelastic action and damage at the performance level of interest.

(2)  Modelling of “secondary” components

The contribution of “secondary” components to lateral strength and stiffness is neglected
in linear analyses. This means that these elements are modeled with negligible stiffness
against lateral loads, but with realistic strength and stiffness against gravity loads and in a
manner permitting determination of their carthquake-induced deformations and of their
impact on gravity load capacity (For vertical elements, for example, their axial stiffness is
assembled in the Stiffness Matrix but their flexural one is not; during the clement statc-
determination phase however, their real flexural stiffness is considered). However in linear
analysis the real contribution to lateral stiffuess of all elements designated as “secondary”
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cannot account for more than 20% of the total stiffness. Moreover, the conditions for
regularity of the planwise and the heightwise distribution of strength and stiffness, to be
fulfilled for the linear elastic analysis to be used, need to be satisfied both when the
“secondary” components are considered and when they are neglected in the model. Unless
fulfillment of this condition is obvious, its verification requires performing the linear analysis
with all “secondary” components included in the model with realistic stiffnesses.

In the nonlinear analyses, instead, “secondary” elements are included in the model with
their realistic (but degrading) strength and stiffness. No upper limit is set on their contribution
to the global lateral stiffness. It is noted, though, that due to the degradation of the strength of
“secondary” components with cyclic deformations, the slope of the global force-displacement
relation of the structure may become negative, increasing the dynamic P-A effects. This
increase in P-A effects is automatically accounted for during a nonlinear dynamic analysis. If
the nonlinear static analysis is applied instead, these effects are approximated through
multiplication of the seismic displacement demands from the elastic response spectrum by an
additional correction factor. The value of this factor exceeds unity by an amount which
increases in proportion to: a) the mean (negative) slope of the global force-displacement
curve, b) the difference between the elastic base shear demand and the base shear strength of
the building, and c) its fundamental frequency.

The resistance and stiffness of “secondary” components against lateral forces, as well as
the post-ultimate-strength drop of the resistance of “primary” components, may be neglected
in a nonlinear static analysis, but not in a nonlinear dynamic one. In that case deformation
demands on “primary” components from the nonlinear static analysis should satisfy more
stringent criteria (cf. second paragraph from the end in Sect. 3.3.2.6). “Primary” elements not
meeting these more stringent criteria may be classified then as “secondary”, provided that this
reclassification will not change the regularity characterisation of the building.

(3) Nonlinear analysis procedures

The nonlinear static analysis is of the “pushover” type. Two patterns of lateral load
variation with height should be considered. In the first pattern, response accelerations are
cither taken as heightwise uniform, or are continuously adapted - during the analysis - to the
heightwise variation of storey displacements. In the second pattern, two options are given for
the floor accelerations: The first is to compute them through SRSS-combination of modal
accelerations from the modes which account for at least 90% of the total mass (this choice is
mandatory if the first mode period exceeds 1sec). In the second option, if the 1*- mode
participating mass is more than 75% of the total, floor accelerations may follow the
heightwise pattern used in the linear static analysis; otherwise they should follow that of the
accelerations in the fundamental mode. Nevertheless, as with its prescribed lateral load
pattern(s) the nonlinear static procedure cannot capture well higher-mode effects at the
member deformation level, if the first mode base shear from a linear modal analysis is less
than 1/1.3 of the total base shear due to all modes accounting for at least 90% of the total
mass, the nonlinear static analysis needs to be accompanied by a linear dynamic (modal) onc,
with the acceptance criteria of the latter relaxed (i.c. the capacities increased) by one-third.

The point on the base-shear vs. roof-displacement curve to which the structure is driven by
the earthquake is determined from the 5%-damped elastic spectrum entered at a period:

T= Zn,/M /K - This period is based on the secant stiffness Ke at 60% of the base shear at

global yiclding of the structure (corner of the bilinear approximation of the base shear-roof
drift curve). The afore-mentioned correction factors for lack of validity of the equal
displacement rule are applied to the displacement demand from the spectrum (except for the
correction for the first mode participating mass applied to the displacement demand of the
linear static analysis). The so-computed SDOF displacement demand is converted to a top
displacement, through multiplication by a factor increasing from 1.0 to 1.5 when going from
single-storey to multistorey buildings. Member internal forces and deformations due to the
earthquake represented by the spectrum are those corresponding to this (corrected)
displacement demand in the pushover analysis.

One- or two-component lumped inelasticity models can be used for the RC members in
the nonlinear analyses. A multilinear relationship between the end moment and the
corresponding deformation measure (chord rotation, plastic hinge rotation or curvature), with
the first corner point at yielding and the second at ultimate strength, suffices for the
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called Acceleration-Displacement-Response-Spectrum, or ADRS, format), where the slope of
radial lines is inversely proportional to the square of the period, T. The capacity curve is
derived from a nonlinear static (pushover) analysis of the structure. The stage in the lateral
force response where the “Performance Level” of interest is attained in one or more
components of the structure, corresponds to a single point on the capacity curve, to be
compared then with the seismic demand point.

The way in which the seismic demand point is determined has become a matter of
considerable controversy in recent years. [n the ”Coefficient Method” of the 1997 NEHRP
Guidelines the seismic demand point is located on the 5%-damped ADRS curve, at a the
“target-displacement” derived from the equal displacement rule with possible corrections
coefficients for short-period and P-A effects. In the ATC-40 approach, as well as in its
original source (Freeman, 1978), the seismic demand point is identified with the intersection
of the capacity curve with that ADRS demand curve which corresponds to a value of the
equivalent viscous damping consistent with the global ductility demand represented by the
location of that point on the capacity curve. Implicit in such a determination of the demand is
the use of a period T for the equivalent linear SDOF system corresponding to the global
secant stiffness at the intersection with the capacity curve. This is similar to the Shibata and
Sozen (1976) “substitute structure” approach, outlined in Section 3.3.1.1 and in (4) of 3.3.1.2
as the basis of the displacement-based assessment procedure of the New Zealand draft
guidelines (see also eq. (3-18) for the Shibata and Sozen, 1976, relationship between the
equivalent viscous damping ratio and the global ductility ratio).

The above approach in ATC-40 for the determination of seismic demand has been
questioned in recent years as lacking a physical basis and as producing inaccurate or biased
results, compared to those of nonlinear time-history analysis (see, e.g., Krawinkler, 1994,
Chpra and Goel, 2000a, 2000b, 2001, Chopra et al, 2001). An attractive alternative, that
retains the visual appeal of the “Capacity Spectrum” while increasing accuracy and reliability
of the demand predictions, has been proposed in Fajfar (1999, 2000). This alternative consists
essentially in recasting the N2 mecthod (Fajfar and Fischinger, 1988) in the “Capacity
Spectrum” format, with replacement of the highly-damped elastic spectra (per Shibata and
Sozen, 1976) as a means for describing demand, by an inelastic spectrum based on the Vidic
et al (1994) g-u-T relationship (cf. eq. (3-13)).

Several examples of application of the ATC-40 and of the N2-based versions of the
“Capacity Spectrum” approach are given in the case studies of Chapter 7. The reader is
referred to those case studies for examples of assessment in the form of “Capacity Spectra”.

3.3.2.5 Data collection for material properties and condition assessment

The requirements of FEMA 273 (ATC 1997a, b) for collection of information about the
as-built structure and its materials were onerous. More specifically, FEMA 273 required that
complete geometric and material data are available, either: a) from as-built construction
documents, confirmed through sporadic in-situ tests and exposure of reinforcement, as well as
by lab tests, or b) through an extensive and comprehensive campaign of such in-situ and lab
tests and measurements. The trial application of FEMA 273 to 43 real buildings, reported in
FEMA 343 (BSSC, 1999), shows that the benefits from an exhaustive collection of data
regarding the as-built structure do not warrant its cost. As a result FEMA 356 (ASCE, 2000)
has reduced considerably the data collection requirements of FEMA 273. According to the
new thinking, the information readily available from drawings and documents about the as-
built structure and its materials may be supplemented for the purposes of assessment of the
building and of the design of the retrofitting, with certain hypotheses about missing data. To
the extent necessary, these hypotheses may be confirmed (or revised) through in-situ and
laboratory measurements at the final stage of the design of the retrofitting. If the building is so
deficient that it is decided to resist fully the seismic action through new elements (e.g. through
new shear walls), there is little sense in conducting an exhaustive data collection campaign
about the as-built structure.

More specifically, according to the update of FEMA 273 in FEMA 356, if: a) the objective
of the rehabilitation is the normal one (termed in FEMA 273 and 356 “basic™), i.e. “Life

cty” and “Collapse Prevention” under the 475-year and 2500-year earthquakes,
respectively, and b) the analysis is lincar elastic (static or dynamic), in-situ measurements are
not needed. Resort may be made instead to the construction drawings and to a visual survey
of a representative percentage of the “primary” components (of 20% of the “primary”
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components in each storey, or of 40% in the presence of significant damage or deterioration).
If the construction drawings are incomplete or missing, the in-situ collection (or confirmation)
of data regarding the geometry of the structural system should include exposure of the
reinforcement in at least three components for each type of component (preferably at or near
connections). If this is not sufficient for development of a clear idea on how the components
were reinforced and detailed, further exposure of reinforcement may be necessary. When
construction documents are not available, (conservative) default values may be assumed for
material properties on the basis of the prevailing practicc at the time of construction. A
capacity reduction factor equal to 0.75 is applied to member resistances calculated on the
basis of such (incomplete) information.

If the information above is supplemented with laboratory test results on material samples,
the afore-mentioned capacity reduction factor of 0.75 is not applied to member resistances
and a nonlinear apalysis procedure may be used, provided that the normal (“basic”)
rehabilitation objective is selected. If the gradcs of materials specified for the building are
known, testing of three concrete cores for the entire building is sufficient for this purpose. If
the concrete grade specified is not known, the minimum number of concrete cores is six. If
the steel grade specified is not known, at least two steel coupons should be tested in tension.

The information quoted in the previous paragraph suffices also for an “enhanced”
rehabilitation objective, including, e.g., fulfilment of the “Life Safety” performance level
under the 2500-year earthquake and of the “Immediate Occupancy” one after the 475-year
event. In that case, however, the 0.75 capacity reduction factor is applied on member
resistances. In order to be allowed to use a capacity reduction factor of 1.0 for an “enhanced”
rehabilitation objective, the engineer should confirm the materials specified and the test
results available in the documents of the original construction, through testing: a) of at least
six concrete cores for the entirc building and of at least three cores for each type of “primary”
component, and b) of at least three steel coupons. If the available documents do not include
concrete test results at the time of construction, the minimum number of concrete cores is
three per storey, or per 300m’ of concrete, or per 1000m’ of floor plan area, whichever is
most critical. If the concrete specified for the original construction is not known, the
minimum number of cores is doubled. If the steel specified is not known, at least six tension
coupons should be tested per 3 storeys for each type of “primary” component. If the period of
construction provides some clue for the steel grade used, the number of coupon tests may be
reduced by half. Finally, if available construction drawing are incomplete, then, in order to be
allowed to use a capacity reduction factor equal to 1.0, the engineer should expose the
reinforcement in at least three locations per type of “primary” component, or in more, if this
exposure leaves doubts about the type of reinforcement and the detailing of members.

3.3.2.6 Verification criteria for members

For force-controlled components the verification or acceptance criteria consist in
comparison of the force demand due to the scismic action and the simultaneous quasi-
permanent gravity loads, with the lower characteristic value of the corresponding capacity
(calculated on the basis of m-o material strengths).

The verification of deformation-controlled components employs expected, rather than
lower-characteristic, values of the capacities. Moreover, for reasons of convenience and
familiarity of the potential users with the format, if lincar analysis has been applied member
forces are used in the verification instead of deformations, with member resistances
(capacities) multiplied by an m-factor, defined as the ratio of the elastic internal force at the
deformation limit to the strength capacity of the member. The m-factor resembles the familiar
displacement ductility factor u of the member and may be considered as a local (member)
behaviour factor q. ,

In both types of verification, for linear analysis the force capacities of existing
components are reduced by 25% if as-built information is incomplete or unreliable.

Tables 3-1 to 3-3 give the plastic rotation capacities, 0y 4, of RC beams, columns and
walls according to the seismic rehabilitation guidelines and prestandard. They also give — in
the columns labelled (FEMA) 356 — the values of the local behaviour factor m not to be
exceeded by “primary” or “secondary” components, depending on the target performance
level (: 10 for “Immediate Occupancy”, LS for “Life Safety”, CP for “Collapse Prevention™).
Values of the m-factor listed under the heading (FEMA) 310 are taken from thc seismic
evaluation handbook and draft standard (FEMA 310 and ASCE, 2001).
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Flexure critical (: M,<L,V,) with: a) in pl. hinge: hoop spacing sy<d/3 & no laps; and b)
Vu23/4M,/Lg
-0’ M, Bpim | Opiu m, Primary component m, Secondary component
—_— | (0, 0,
L szw P (%) | (%) 10 LS Ccp 10 LS Cp
(MN, m) ,
FEMA report: 356 1310 356 (310 356 | 356 |310]356] 310 | 356
<0 <0.25 25150 3 3 6 8 7 3 3 6 8 10
0-0.2| <0.25 3 8 3 8
>0.2| <0.25 2;0 3;0 % 1.5 % 2.5 % % 1.5 % 3 %
<0 0.5 20140 2 |25 3 4 4 2 25| 3 4 5
0-0.2] 20.5 1 i) 2 |25 g 4 % 2 2.5 % 4 %
20.2( 20.5 1.5[20f 2 | 1.5 2.5 2 1.5 3
Flexure critical with: a) in pl. hinge: s,>d/3 or laps; or b) V,,<3/4M,/L,
<0 <0.25 20130 2 |15 3 2.5 4 2 1.5 3 3 5
0-0.2] <0.25 1 ) 2 |15 3 2.5 % 2 1.5 3 3 i
20.2| <0.25 I0[ 15| 2 |15 3 2.5 2 15| 3 3
<0 20.5 1.0 15(1.25(1.5 2 2.5 3 1.25 | 1.5} 2 3 4
0-0.2f 205 I 1 [1.25] 1.5 2 2.5 % 125 |15 2 3 i)
20.2 0.5 05{101}1.25] 1.5 2 2.5 125 | 15) 2 3 3
Shear critical (My>L;V,) or with bond failure in the span
sh<d/2 03 (2012515 15 (20175 125 |25 3 |35 4
sy> d/2 03]1.01]1.25] 1. 1.5 1201175 125 |25 2 |35]| 3
Beams with bond failure in joint
[15]30J20] -] 2 [ -7 3 1 - 13717 -T74

Table 3-1: Plastic rotation at ultimate strength, 6y, and at ultimate deformation, 0, .. and local behaviour
Jactors m for beams

The seismic rehabilitation guidelines and draft standard give limiting values of the
member plastic hinge rotation demands at various performance levels as fractions of the
plastic rotation capacity (ultimate value of the plastic rotation), 8y, or of the plastic hinge
rotation at ultimate strength (i.e. at maximum resistance), 0, m. The values of 6, and 6y, are
listed in the 3™ and 4™ column of Tables 3-1 to 3-3. Deformation limits are defined on the
basis of these values as follows:

o At the “Collapse Prevention” performance level (CP), the limit to the plastic hinge
rotation demand is equal to Oy n (but not greater than 0.750;,) for “primary”
components and to 6y, for “secondary” ones.

o At the “Life Safety” performance level, the limit to the plastic hinge rotation demand
is taken as 75% of that at “Collapsc Prevention” (i.e. a safety margin of 4/3 on plastic
hinge rotations).

e At the “Immediate Occupancy” performance level the limiting plastic hinge rotation is
that causing visible member damage, but not greater than 0.56 » (which is rarely
controlling).

The values of the local behaviour factor m listed in Tables 3-1 to 3-3 are 75% of the value
of the rotation ductility factor corresponding to the above limiting values of plastic hinge
rotation, i.e. of 1 plus the ratio of the limiting value to the rotation at yield, (6,/6,+1). The
yield rotation implicit in the m-values in Tables 3-1 to 3-3 are about 0.5% for beams or
columns, or approximately 0.25% for walls. As the plastic component of the chord rotation of
the shear span is approximately the same as the plastic hinge rotation at thc member end, the
member chord rotation at yield is implicitly taken equal to the values of 0.5% and 0.25%
quotcd above. In general these values are on the low side of experimentally measured chord
rotations at yield. This difference may not be on the safe side, if member models in the
analysis employ an (elastic) stiffness up to the yield point which is closer to reality.
Nonetheless, the 0.75 factor applied on (6,/0y+1) for the calculation of the m-factors - which
may be considered as a penalty for the use of the less accurate linear analysis — partly
compensates for the low implicit values of 6y, as effectively it increases these values by 4/3.
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Flexure critical (: My<L,V,) with: a) in pl. hinge: hoop spacing s,<d/3 & no laps; and b)
Vu23/4M,/L;
-0’ M, M Opim | Opiu | M, Primary component m, Secondary component
—_— (1) 0,
L szw 4 (%) | (%) 10 Cp I0 LS CP
N, m)
FEMA report: 356 (310 [ 356 | 310 [ 356 | 356 {310[356 (310|356
<0.1 <0.25 20130 2 3 3 5 4 [ 2 3 4 [ 5 5
0.1-0.4 <0.25
>0.4 <0.25 1;5 2;5 1 .%5 1;5 % % % 1 .%5 l¥5 % % %
<0.1 20.5. 16 24| 2 3 124 5 |32 2 3 1325 ] 4
0.1-0.4 20.5
204 >0.5 1;2 2;0 1 .%5 1;5 1;6 % 214 1 %5 llS 214 % 3;2
Flexure critical with: a) in pl. hinge: s,>d/3 or laps; or b) V,,<3/4M /Ll
<0.1 <0.25 06115 2 (152 ([25] 3 2 3 3
0.1-0.4 <0.25
204 <0.25 0;3 1;0 1 .%5 115 1;.r5 1?5 ; 1 35 1;5 1;5 1;5 %
<0.1 20.5 05112 2 |15|16(15]|24| 2 2 |16 3 )24
0.1-0.4 >0.5
20.4 0.5 0¥2 0;8 135 1;5 1;5 1;5 1.;75 1.%5 l¥5 % 1;5 116
Shear critical (M,~>L;V,) or with bond failure in the span
sy< d/2 or v<0.1 - - - - - - - - - 2 - 3
sp> d/2 & v>0.1 - - - - - - - | 1.5] - 2
Beams with bond faxlure in joint
sn< d/2 1.0 20 {1.25 1.5 - [1.75]1.25] - 3 - 4
sp< d/2 0 110110 - 1 - 1 1 - 2 - 3
Columns with v>0.7
shi<d/3 & Vo 23/4M,/Ls | 1.5 125 | | - 1 - 2 1 - 2 - 2
sp>d/3 or Vy<3/4M,/L;| 0O 0 1 - | - 1 1 - 1 - 1

Table 3-2:  Plastic rotation at ultimate strength, 6y, and at ultimate deformation, &1 and local behaviour
Jfactors m for columns

Flexure critical. In boundary elements: ©,20.12, 0043,20.3(A/A,-0.1)
0-0’+v Oplm |Opiu| m, Primary component m, Secondary component
—= (%) | (% I CP I0 LS CP
L,\/chwd (%) | (%) o
(MN, m)
FEMA report: 356 1310 (356 (310356 ]356(310]356(310]356
<0.1 <0.25 1.5(20] 2 3 4 5 6 2 3 6 6 8
0.1-0.25 <0.25
>0.25 <0.25 0;9 1;2 1;5 1;5 % % % 1;5 1.5 % % %
<0.1 >0.5 10115 2 313 5 4 2 3 4 6 6
0.1-0.25 20.5 ! 1 )
20.25 20.5 0.5 1¥0 l.%S 1;5 % % 2.5 1.%5 IIS 2.5 % %
Flexure critical with: a) in pl. hinge: sp>d/3 or laps; or b) V <3/4M‘,/Ls
<0.1 <0.25 0i8 1.5] 2 2 {25 4 2 2 4 6
0.1-0.25 <0.25 ,
20.25 <0.25 0.3 0% 135 1;5 1;5 i % 135 l?S % 2?5 %
<0.1 20.5 061015 ] 2 2 J[25)15| 2 |25] 4 4
0.1-0.25 20.5
20.25 20.5 012 014 1.%5 1;5 1l5 % 1175 1%5 115 1?5 2;5 %
Shear critical (M,>L.V,) or with bond allurc in the span
INAINA] 2 J15] 2 J25T3J 2T 2 T27]3T7T3

Table 3-3: Plastic rotation at ultimate strength, By, and at ultimate deformation, Opi.w, and local behaviour
Jactors m for walls
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The ultimate plastic hinge rotations specified in the seismic rehabilitation guidelines and
prestandard are compared here to experimental values from 828 flexure-controlled cyclic tests
to failure, on components with or without seismic detailing. In those tests the ratio of yield
moment, My, to shear span, L, is less than the calculated shear strength of the specimen, even
after subsequent reduction of shear strength due to cyclic inelastic flexural deformations
(expressed through the displacement ductility ratio us=0,/0y). FEMA 273 and 356 give values
of the ultimate plastic rotation 0, (which is approximately equal to the total minus the implied
yield rotation of 0.005rad in beams or columns, or of 0.0025rad in walls). So for the 828

Bjiexo/0 Bytes/0 Byers/O Ontes/OmrEma | | Buexo/Ourema | Ooioxs/OprEma

©-0+ | Vbdaf., (MN,m)<0.25 |[Vibd /£, (MN, m): 025050 Vibd/f. (MN.m)>0.5

n]m|m—0'| m]m-o n]m|m-olme-0 n|m|m—0|m|m-c
BEAMS conforming stirrups : YES
<0.0
0.00-0.25 |40{ 1.25( 078 | 1.32 (091 |12({ 1.28 [ 096 | 1.49 | 1.15|4 (072 | 046 | 0.84 | 0.61
0.25-0.50 |3(3.13 (295|268 (253

>0.50
conforming stirrups: NO
<0.0
0.00-025 {1128 (128 1.05] 105
>0.25
COLUMNS conforming stirrups : YES

<0.1 31254(150 (236 148 |52( 144|086 | 1.43|0.94 (98] 1.31 | 055 1.34 | 0.69
0.10-025 | 8143 (084|151 | 100891481096 | 1.68 | 1.12|95(1.14]054 | 1.32 | 0.69
0.25-0.40 24| 1.54 { 053 | 1.61 | 0.75 |30) 1.40 | 0.37 | 1.46 | 0.53 [29( 1.17 | 0.37 | 1.22} 0.60

>0.4 14[1.07 1034 1.15[052 |26/ 1.19§0.12{1.16 | 026 {3147 ]055]150] 0.71
confofrniﬂ stirrups: NO

<0.1 8(397|3.05|348 (254 (39(274 | 1.21 | 248 | 1.27 (272751098 | 248 | 1.05
0.10-025 [9] 157034 | 1.65]075]16]|227 | 135|223 | 131 (24| 1.51 054|153 0.72
0.25-0.40 |15/ 1.20({ 051150094 (221193 |066|183(077|5([193|095(1.82] 1.15

>0.4 11/290] 1361249 [ 145[{4[098]057]1.06]| 085{5[099]|047 | 1.17| 081

WALLS conforming stirrups : YES
<0.] 15[ 0.78 | 0.35 | 0.86 | 0.50 |22f 1.11 { 0.59 [ 1.19 | 0.73 |26( 0.71 | 0.50 [ 0.86 | 0.67
0.10-0.175 | 3] 0.83 | 0.52 | 0.86 | 0.52 61065]|034]069| 048
0.175-025 (1] 1.73 | 1.73 | 1.61 | 1.61 4100|064 (1.10] 0.64
>0.25 110730731085 085

conforming stirrups: NO

<0.1 1{052(052 045|045
>0.1

Diagonally
reinforced [33] 162082 15708y [ ] T ] N

Note: For beams and columns, “conforming” stirrups means closed stirrups at spacing s, less than d/3 and
resisting at least 75% of the shear force, V=M,/L,. For walls, it means presence of well-confined boundary
elements.

Table 3-4  Statistics of the ratio of experimental ultimate total or plastic (chord) rotation, 6, or 6y, to values
suggested by FEMA 273 and FEMA 356 (m=mean; o=standard deviation, n=number of tests)
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to 0.8% if the panel is square, or to values by 25% higher or lower, if the length-to-height
aspect ratio is equal to 0.5 or 2.0, respectively. As stronger frames offcr better confinement
and are affected less by a possible loss of infill strength, the above-mentioned infill ultimate
deformations are increased or reduced, respectively, by 50% if the global shear strength of the
frame exceeds, or is lower than, the aggregate infill strength by more than 30%.

At the “Life Safety” performance level, infill panels are checked against approximately
75% of the infill ultimate deformations above. At the “Collapse Prevention” level they arc
neglected and for “Immediate Occupancy” they are required not to exceed ultimate strength
(m=1).

If a linear analysis procedure is used, infill panels are verified at the “Life Safety”
performance level through comparison of their shear strength to the corresponding shear force
from the analysis, divided by the value of (the local bchaviour factor) m of the infill panel.
This value is equal the ratio of the above “acceptable” shear strain of the infill panel at the
“Life Safety” performance level, to a shear strain at infill cracking of 0.11%.

The shear strength of an infill panel without openings is taken equal to its horizontal cross-
sectional area times the shear strength of bed joints, estimated from in-situ tests or taken equal
to conservative default values (0.19MPa, 0.14MPa and 0.09MPa for good-, fair- and poor-
quality fully-grouted masonry in running bond, or 60% of these values otherwise).

In recognition of the possibility of local damage in weak RC members surrounding overly
strong infills, if the masonry shear strength exceeds 0.35MPa (i.e. 2.5 times the default value
for fair- quality fully-grouted masonry in running bond), RC beams and columns surrounding
the pancl are required to resist, in a force-controlled manner in bending and shear, the infill
strut force computed from the analysis (divided by the infill m-factor, if it comes from a linear
analysis). This strut force is considered to act not concentrically on the joint but displaced
from its face in the direction of the RC member by the strut width according to Mainstonc
(1971). Alternatively, and if it is more favourable, the length of the beam or column falling
within the width of this eccentrically acting strut, is checked in shear as a “captive” member,
against a shear force demand equal to the sum of the flexural capacities at its ends divided by
its length.

3.3.2.8  Conclusions from the trial application of the NEHRP Guidelines.

The pilot application of the 1997 NEHRP Guidelines in FEMA 273/274 for the seismic
assessment and retrofit design of 43 real buildings (eleven of which were concrete buildings)
is overviewed in BSSC (1999). Through this application, valuable conclusions were reached
regarding the user-friendliness and operationality, the cost-effectiveness and the technical
soundness of the Guidelines in each one of the three phases of: a) data collection on material
properties, etc., for the as-built structure; b) seismic assessment and design of the retrofitting;
and c) execution of the retrofitting.

In all 43 buildings studied in BSSC (1999) the seismic assessment and the design of the
retrofitting were also performed following current prevailing US practice. Such practice
follows either: a) the special (but conventional, i.e. force-based) codes for seismic assessment
and rehabilitation available in some States of the USA, or b) codes for new buildings,
appropriately interpreted and adapted for existing buildings (e.g., with lower lateral force
requirements, or disregarding certain provisions on structural configuration and regularity,
ctc.). Two of the 11 concrete buildings (and three out of the 43) were assigned to two
engineering firms each. Seven of the 43 building (but only one the 7 being a concrete
building) were subjected to two analysis procedures (linear - typically static - and nonlincar
static), while three others were analysed with three procedures (linear static, nonlinear static
and nonlinear dynamic).

The most important conclusions drawn from the trial application of the 1997 NEHRP
Guidelines are summarized below.

Engineers who applied the NEHRP Guidelines found them transparent and technically
rational and sound. They commented, though, that casting the 1997 NEHRP Guidelines in a
more code-like format and language would improve clarity and user-friendliness. They also
encountered difficulties in applying the nonlinear analysis procedures, static or dynamic, due
to the lack of reliable and user-friendly software. It should be noted, though, that since the
time of these trial applications, the nonlinear static (“pushover”) analysis capability has been
added to quite a few commercial software packages, notably following the FEMA 273
specifications for lateral load distribution, etc.
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Buildings (ASCE, 1998). That document has been prepared by ASCE and currently has the
status of a prestandard. It replaces FEMA Report 178: “NEHRP Handbook for Seismic
Evaluation of Existing Buildings™ as a more technically up-to-date document in line with the
philosophy and the procedures of the ground-breaking FEMA 273/274 and 356 Guidelines
and Prestandard for Seismic Rehabilitation of Buildings. Currently ASCE is working towards
producing an ASCE Standard on the basis of the FEMA 310 ASCE pre-Standard, indended to
replace both FEMA 178 and 310 documents. The latest development (in late 2001) was the
4"-ballot version of the ASCE draft standard (ASCE, 2001). As there arc some differences
between this version and the FEMA 310 “Prestandard”, the present overview is based on the
provisions of the 4™-ballot version of the ASCE draft Standard. Collectively this document
will be termed “Seismic evaluation draft Standard”.

The draft Standard for seismic evaluation seems to represent an effort to bridge the gap
between the empirical and narrow-scope rapid screening procedures prescribed in the older
FEMA documents 154 and 155 (“Rapid Visual Screening of Buildings for Potential Seismic
Hazards”) and the advanced and elaborate analytical procedures of the Seismic Rehabilitation
Guidelines and Prestandard (FEMA 273/274 and 356).

The procedures in the “Seismic Evaluation draft Standard” are addressed to potentially
vulnerable buildings (possibly characterized as such after a rapid screening, like the visual
one of FEMA documents 154/155). They aim at identifying those buildings which are in real
need of a more in-depth evaluation and possibly rehabilitation according to FEMA 273/274
and 356. This is pursued through a multistage approach, structured at three levels or “Tiers™:
1, 2 and 3. As in the 1977/1990 Guidelines of the Japan Building Disaster Prevention
Association, individual buildings are supposed to be filtered throught the three tiers of
evaluation, starting from Tier 1, to screen out those buildings which are not deficient and do
not necd scismic retrofit.

The difference between the three tiers of the Seismic Evaluation draft Standard is much
larger than that exhibited by the three levels of the Japanese Guidelines. Tier 1 is a qualitative
screcning phase with very little calculations; Tier 2 is normally a phase of analytical
evaluation using methods familiar to most practicing engineers, while Tier 3 is a very detailed
evaluation phase, with procedures characterized by sophistication and analytical accuracy
similar to that of the advanced procedures foresecn in the Guidelines and Prestandard for
Seismic Rehabilitation (FEMA 273/274 and 356). As a matter of fact the description of the
Tier 3 evaluation procedure in the Seismic Evaluation draft Standard is limited to reference to
the Rehabilitation Guidelines and Prestandard, with the only difference being that seismic
action effects (e.g. forces) determined according to that latter document may be reduced by
25% for the purposes of evaluation. This reduction of seismic action effects - which does not
apply for the retrofit design, in casc it is decided at the end of the evaluation to proceed to
scismic retrofitting — amounts essentially to removing a perceived conservatism in the design
of new buildings or of retrofit measures and granting the “benefit of the doubt” to buildings
evaluated as marginally deficient, in view of the high economic burden of seismic retrofitting
to individual owners and to the society as a whole. This difference of 25% in seismic action
effects is also retlected in the acceptance criteria foreseen for concrete members in the
analytical evaluation according to the Tier 2 procedure.

Another important difference with the Rehabilitation Guidelines and Prestandard (FEMA
273/274 and 356) lies in the “Performance Objective” adopted in the Seismic Evaluation draft
Standard: Unlike the versatility offered by FEMA 273/274 and 356 in the adop.ion of various
possible “Performance Objectives” consisting of two to four combinations of “Performance
Level” (“Operational”, Immediate Occupancy”, “Life Safety” and “Collapse Prevention™) and
“Hazard Level” (“Frequent”, “Occasional”, “Rare”, “Very rare” earthquake), in all three tiers
of the Seismic Evaluation draft Standard the Performance Objective consists of a single
combination of the “Rare” earthquake (defined as two-thirds of the “very rare” — Maximum
Considered Earthquake and equivalent to the 475-year earthquake of probabilistic Seismic
Hazard analyses) with the “Life-Safety” (for ordinary buildings and occupancies) or the
“Immediate Occupancy” (for safety-critical or essential facilities) performance level.

For certain combinations of seismic hazard, performance level, type of structural system
and number of storeys, a positive outcomc of a Tier 1 evaluation cannot be used to
characterize a building as seismically adequate. For these combinations of conditions a
complete Tier 2 analytical evaluation of the building is required; then the Tier 1 evaluation
may be omitted or used only to gain for insight regarding the deficiencies of the building. The
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in columns and walls should not exceed the contribution of concrete to shear strength,
V./bud, or 0.7MPa, whichever is less. In this check the avcrage shear stress demand is
estimated by dividing the elastic base shear by the total cross-sectional area of vertical
elements — assuming that exterior columns undertake half the shear force of similar
interior ones — divided by an available behaviour factor q, taken cqual to 2 for framed
and to 4 for wall buildings evaluated at the “Life Safety” performance level; the
corresponding values for “Immediate Occupancy” are 1.3 and 2.0. For frame buildings
with masonry infills this check refers to the infills and is based on an assumed
available g-factor of 1.5. The shear stress limit is 0.5MPa for reinforced masonry or for
concrete masonry units and 0.2MPa for clay units.

e In non-infilled RC frames, a check that the value of the normalized axial load,
v=N/A.f,, in exterior columns does not exceed 0.1 under the quasi-permanent gravity
loads considered to apply simultaneously with the earthquake, or 0.3 under the
earthquake alone. Axial force at the base of exterior columns is estimated as the ratio
of the elastic overturning moment (elastic base shear times 2/3 of the building height)
to the total number of exterior tolumns on one side and the length of the building
parallel to the earthquake direction, divided by the available column local behaviour
factor m, taken equal to 2 for evaluation at the “Life Safcty” level or to 1.3 for
evaluation at the “Immediate Occupancy’ one.

e In shear wall buildings, walls should have a steel ratio of at least 0.15% in the vertical
direction and 0.25% in the horizontal, and a bar spacing of not less than 450mm.
Moreover, the frame system in such buildings - neglected against seismic actions as
“secondary elements” — should be capable of sustaining the full gravity loads without
the walls.

e Non-infilled frame buildings and shear wall buildings with flexible diaphragms should
be not closer than 4% of the (shorter) building height from adjacent buildings, in order
to avoid pounding or to reduce its consequences.

Supplemental Structural Checklists for “high seismicity” regions or for the “Immediate
Occupancy” performance level in “moderate seismicity” ones, include a few general
conditions for buildings with stiff diaphragms namely: a) a lateral-force-resisting system
without flat slabs as “primary elements”; and b) “secondary elements” that can resist the shear
force calculated for them on the basis of capacity-design considerations (from the flexural
capacities of their end sections) if evaluation is at the “Life-Safety” performance level, or with
ductile detailing if it is at the “Immediate Occupancy” level. For the diaphragms themselves
the conditions include a ban on split-level floors and — only if evaluation is at the “Immediate
Occupancy” level — the provision of adequate and well anchored reinforcement next to large
openings and at re-entrant corners.

The special Supplemental Structural checklists for different structural systems include:

For RC frames without infills:

e A limit on the use and level of prestressing.

* A ban on columns with slenderness ratio, L/h, less than half of the storey average
value for the “Life Safety” performance level, or less than 75% of that value for the
“Immediatc Occupancy” one.

e Shear resistance in all columns not less than their capacity-design shear force.

e Fulfillment of the strong column-weak beam condition at all joints, with an
overstrength factor of 1.2 on beam flexural capacities.

e Two continuous bars at top and bottom of beams and 25% of beam support
reinforcement continuing throughout the span.

o Lap splices of at least 35 bar diameters in columns evaluated at the “Life Safety” level,
or of at least 50 bar diameters at the “Immediate Occupancy” one, closed by stirrups at
8 bar diameter centres; no lap splices in beam plastic hinge regions or at the outer
quarters of the beam span.

o Ties within joints at less than 8 bar diameters centres.

e For evaluation at “Immediate Occupancy”, eccentricity of beam axis with respect to
that of columns less than 20% of the column width and stirrups with 135°-hooks.

For RC frames with masonry infills the special conditions refer to the out-of-plane

stability of infills and to avoidance of captive columns. They include:

o A slenderness limit, I./t, of 9.0 for evaluation at the “Life Safety” level in “high
seismicity” regions, of 8.0 for evaluation at the “Immediate Occupancy” level in these
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regions, or of 13 in “moderate seismicity ones”.

* A ban on “cavity construction” of walls. (T'wo independent wythes).

e The requirement of infills continuous to the beam soffit and to both columns

surrounding the infill panel.

For shear wall buildings, on top of a condition on the reinforcement of coupling beams
above staircases, special requirements apply only for evaluation at thc “Immediate
Occupancy” level. They include: '

e An upper limit of 4.0 on the wall aspect ratio, H/l, to limit overturning moments.

¢ A requirement for well confined boundary elements in walls with H/l,, above 2.0.

e A limit on wall thickness of 100mm or 4% of the unsupported (e.g. storey) height.

Material properties do not need to be inferred from construction documents or tests on
samples: default strengths of 14MPa for concrete, 230MPa for stcel, 7MPa for masonry in
compression and 0.14MPa for shear in bed joints of masonry walls may be used. Non-
destructive examination of a sample of elements and their connections is also sufficient for
the evaluation of the condition of materials and components.

3.3.3.3  Analytical Evaluation at Tier 2

The analytical evaluation at Tier (level 2) normally needs to be supported by more
detailed information on material properties. Although no material sampling and testing is
required, information on materials needs to be sought from drawings and construction
documents (including tests at the time of construction) and from codes applying at that time.

Normally a “Full building Tier 2 evaluation” is performed. It consists of linear elastic
analysis, static or (modal response spectrum) dynamic, following the rules specified for these
analysis procedures in FEMA 273/274/356. These rules include considering the effects of
natural and of storey accidental torsion (5% of the building plan), the latter amplified by the
square of the ratio of the maximum drift on the perimeter of the storey to 1.2 times the
average storey drift, if this ratio exceeds 1.0. Analysis results are compared to capacities as in
FEMA 273/274/356. For deformation-controlled (ductile) components the check is against the
expected strength (1.25 times the nominal, without capacity reduction or material safety
factors) times a local behaviour factor m, which assumes values (see Tables 3-1 to 3-3) which
are normally higher than those specified by FEMA 273/274/356 for seismic rehabilitation
projects. Force-controlled (brittle) components are checked with their nominal (design)
strength against capacity-design action-effects, or against conservative estimates of these
effects estimated as in FEMA 273/274/356. The foundation is checked in terms of forces,
with a local behaviour factor m of 1.5 for the “Immediate Occupancy” level, or of 3.0 for the
“Life Safety” one, accounting, among others, for the effect of uplift on forces transmitted to
the foundation.

Lateral forces to be used in the linear analysis are based on natural periods calculated from
mechanics (from the Rayleigh quotient for static analysis, or from the solution of the
eigenvalue problem for a modal response spectrum one). This is unlike the Tier 1 evaluation,
where empirical formulas are used for the fundamental period, when its estimation is needed
for the rapid numerical checks.

If the building does not fall in the categories listed at the end of the Introduction Section as
requiring a full Tier 2 evaluation, then the cvaluation at Tier 2 may address only the
deficiencies identified during the Tier 1 screening. The deficiencies that may be handled in
this may and the necessary course of action are the following:

e For a “weak-storey” situation: the capacity of the storey to resist the elastic shear with

a postulated storey behaviour factor m of 2 is checked.

e For vertical elements not continued to the foundation: the diaphragm is checked for its
adequacy as an alternative load path and the columns beneath the discontinued element
for their capacity against the effects of the overturning moment.

e Adjacent buildings closer than 4% of the shortest building height: the drifts due to the
design earthquake are calculated through linear analysis, those of the adjacent building
are estimated, the two drifts are combined with the SRSS rule and the outcome is
compared to the gap between the two buildings.

o [f the frames considered as “secondary members” in shear wall buildings cannot take
alone the full gravity load: the gravity load capacity of the shear walls is checked.

e “Secondary elements” that cannot resist the capacity-design shear for the “Life-Safety”
performance levcl, or do not have ductile detailing for the “Immediate Occupancy”
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one, are explicitly checked for their capacity against the calculated seismic demands
with the local behaviour factors m listed in Table.

All other deficiency types requirc a complete linear analysis of the system and a detailed
check of all structural elements using the m-factors in Tables 3-1 to 3-3. If there are
irregularities of storey mass, geometry or stiffness (“soft storey”) exceeding the limits quoted
above for Tier 1 evaluation, modal response spectrum analysis is required. If the distance
between the storey mass and stiffness centers is more than 20% of the storey plan dimension,
the analysis should take into account the natural and the amplified accidental eccentricity. In
general, analysis results may be used to check only the elements identified as deficient in the
Tier 1 “Basic” or “Supplemental Structural” checklists: a) the columns, walls or infills not
satisfying the rough shear or axial stress checks or the wall minimum reinforcement; b) the
frame columns identified as short or as not resisting the capacity design shear (to be checked
now as force-controlled components); ¢) the columns identified as weaker than the beams, or
the entire storey containing such columns (in both cases checked with a postulated m-factor of
2); d) the flexural capacity of scveral scctions along the span of beams without the minimum
required continuous reinforcement (checked now with m=1); e) elements with deficient lap
splices (checked with appropriately reduced m-values); f) joints without ties for their
(empirically estimated) resistance against shear forces from the analysis.

Failure to satisfy the slenderness limits or the ban on cavity masonry construction of
masonry infills included in the “Supplemental Structural” checklists of infilled frame
buildings, signals directly the need for a Tier 3 evaluation.

3.34 The draft EN version of Eurocode 8, Part 3
3.34.1 Introduction

The June 2002 draft-EN of Part 3 of Eurocode 8: “Strengthening and repair of buildings”
(CEN, 2002b) has opted for a displacement-based approach, along the main lines of the
NEHRP “Guidelines for the Seismic Rehabilitation of Buildings” (ATC, 19974, b) and of the
ASCE “Prestandard for the Seismic Rehabilitation of Buildings” (ASCE, 2000). Similarly to
the ENV (CEN, 1996), the EN version covers only the detailed assessment of individual
buildings and the design of their retrofitting: preliminary evaluation procedures, as per
(ASCE, 2001), or as in Tier 1 of the 1977/1990 Guidelines of the Japan Building Disaster
Prevention Association, or in the “initial evaluation procedure” of the 2002 NZ draft
Guidelines, are not included.

3.34.1 Performance requirements

Three “Performance Levels” (termed, in the European tradition, “Limit States”) are
introduced:

o The “Near Collapse” (NC) level, corresponding to the “Collapse Prevention” level of

the 1997 NEHRP Guidclines and the 2000 ASCE Prestandard.

» The “Significant Damage” (SD) level, corresponding to the “Life Safety” level of the
NEHRP Guidelines and the ASCE Prestandard and to the single performance level for
which new structures are designed according to most current scismic design codes.

» The “Damage Limitation” (DL) level, corresponding to the “Immediate Occupancy”
level of the NEHRP Guidelines and the ASCE Prestandard.

Within the spirit that prevails in the Eurocodes for national determination in all safety-
related issues, the “Seismic Hazard” levels for which the three “Performance Levels” above
will be required, are specified by competent National Authorities. For ordinary buildings, the
recommendation in Part 3 of Eurocode 8 is for a 225yr. (20% in 50 years), a 475yr (10% in 50
years) and a 2475yr. (2% in 50 years) earthquake, for the DL, the SD and the NC “Limit
State”, respectively. National Authorities will also decide on whether all three “Performance
Levels” above will be verified under the corresponding “Seismic Hazard” level, or whether a
more limited verification will suffice. Reliability or performance differentiation of essential or
large occupancy buildings from ordinary ones is effected through adjustment of their “seismic
hazard” level, by multiplying the seismic action with the “importance factor” as in new
buildings.

The distinction between elements which are, ot are not considered as part of the latcral-
force-resisting system (“primary” vs. “secondary” elcments) is made as in the 1997 NEHRP
Guidelines and the 2000 ASCE Prestandard, with the “secondary” elements collectively
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accounting for not more than 15% of total lateral stiffness and being distributed regularly and
uniformly in plan and elevation, so that they don’t change the regularity classification of the
system. Components characterlsed in the 1997 NEHRP Guidelines and the 2000 ASCE
Prestandard as “deformation-“ or “force-controlled”, are termed here “ductile” and “brittle”
elements, respectively

At the “Damage Limitation” (DL) level, primary components are required to remain
elastic (below yielding). At the “Significant Damage” (SD) level, the deformations (chord
rotations) of “ductile” components are limited to a certain fraction (75%) of their ultimate
deformation capacity, while the force response of “brittle” components is required to remain
below a conservative estimate (i.e. a value computed on the basis of partial safety factors) of
their force resistance. Finally, at the “Near Collapse” (NC) level “ductile” components are
required to remain below their ultimate deformation capacity and “brittle” components below
their ultimate strength.

3.3.42  Analysis methods

The four methods of analysis foreseen in the June 2002 draft-EN of Part 3 of Eurocode 8
are the same as in the 1997 NEHRP Guidelines and the 2000 ASCE Prestandard. For the
definition of the seismic action they all use the 5%-damped response spectrum, or the
quantities of interest derived therefrom (namely the target displacement for nonlinear static
analysis, acceleration time-histories for nonlinear dynamic analysis).

Linear analysis, static or dynamic, may be used only if it results in internal force demands
that nowhere exceed twice the associated (force) capacities. (T'his should always be the case at
the “Damage Limitation” performance level). Moreover, linear static analysis (termed “lateral
force procedure”) may be applied instead of linear dynamlc (modal response spectrum)
analysis, if the effects of higher modes are not significant, i.c. only when:

« In both horizontal directions the fundamental period is less than 2 sec and 4 times the
transition period T, between the constant-acceleration and the constant-velocity
regions of the spectrum.

« ‘There are no significant irregularities in elevation, i.e. if:

— The latcral force-resisting systems are continuous (o the top of the —
relevant part of the — building.

— Storey mass and stiffness is constant or reduces gradually and smoothly to
the top.

— Individual setbacks are less than 20% of the underlying storey if they are
provided symmetrically on both sides of the building, or 10% if they are
unsymmetrical, etc.

— In frame buildings, there is smooth variation of overstrength of the
individual storeys relative to the prescribed strength.

When linear analy51s is applied, internal forces in “brittle” components are estimated in a
“Capacity-design™ fashion, i.e. on the basis of equilibrium assuming that “ductile”
components delivering force to them develop their overstrength force capacities (except
where they don’t yield according to the linear analysis, in which case the force demands
therefrom are considered to apply at the corresponding locations).

Except as mentioned in the paragraph above, the rules for linear or nonlinear analysis are
the same as for new bulldmgs (CEN, 2002a). These rules are biefly reviewed here, for

completeness.

Linear static (“lateral force”) analysis may use empirical expressions for the fundamental
period (T:=0. 075H>* for RC frames, T,=0.05H** for RC wall buildings, with H=height from
base in m). A period calculated from mechanics — e. g. via the Rayleigh quotient — may be
used instead (as preferred in European practice), without limiting the outcome relative to the
empirical value. If the fundamental period is less than twice the transition period T, between
the acceleration and the velocity-controlled spectral ranges, in buildings with more than two
storeys the total lateral force may be reduced by 15% - to account for the difference between
the 1* mode mass and the total. The total lateral force is distributed to the storeys following a
1** mode pattern of response accelcrations, which may be taken as inverted triangular.

In the response spectrum analy51s modal contributions are combined by rigorous
application of the SRSS or CQC rules, i.e. at the level of the final seismic action effects of
interest (internal forces, displacements, etc.).

Pushover analyses should be perforimed under two lateral load patterns: one
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corresponding to uniform lateral accelerations and another similar to the lateral forces used in
linear static (lateral force) analysis, if applicable, or derived from a modal response spectrum
one. The target displacement for pushover analysis is derived according to the N2 procedure
by Fajfar and Fischinger (1988).

Nonlinear response-history analysis should use as input at least three artificial, recorded,
or simulated records (or pairs of different records, for analysis in 3D), the mean elastic
spectrum of which in the period range from 2T, to 0.2T; should not fall below the target
spectrum by more than 10%. The results of nonlincar dynamic analyses are averaged, if at
least seven such analyses are performed; otherwise the most unfavourable results in the
analyses performed are used.

In buildings which are regular in plan, two independent 2D models may be used for the
analysis of the response to the two horizontal components of the seismic action. A building
may be identified as regular-in-plan, prior to any analysis, if it has:

¢ Rigid diaphragms, nearly rectangular in plan (re-entrant corners reducing floor area
by not more than 5% each), with aspect ratio less than 4.

e  Eccentricity between the storey centres of mass and stiffness less than 30% of the
corresponding torsional radius (square root of ratio of torsional to lateral stiffness,
with stiffness parameters estimated in most cases from the moments of inertia of
vertical elements).

e Torsional radius less than the radius of gyration of the floor plan.

Two separate 2D models may also be used for buildings of ordinary importance with: a)
height less than 10m; b) storey centres of mass and stiffness approximately on (two) vertical
lines; and c) in both horizontal directions torsional radius not less than the SRSS of the radius
of gyration of the floor in plan and of the projection of the eccentricity between centers of
mass and stiffness in that direction. If conditions a) and b) are fulfilled, but not condition c),
then two separate 2D models may still be used, provided that all seismic action effects from
the 2D analyses are increased by 25%.

Regardless of whether they are computed via a single 3D or two separate 2D models,
seismic action effects due to the individual horizontal components are combined through the
SRSS rule, or via the 1:0.3 rule. Maximum values of action effects estimated individually
through the SRSS rule may be conservatively assumed to take place at the same time. More
accurate and less conservative rules may be introduced at the national level for estimation of
the likely simultaneous values of action effects due to the different components of the seismic
action. In buildings regular in plan, with independent lateral-force-resisting systems in the two
directions consisting solely of walls, the effects of the two horizontal components do not need
to be combined.

Accidental eccentricity is taken equal to 5% of the perpendicular plan dimension, without
amplification due to torsional-lateral coupling. For linear analysis, its effects may be
calculated statically, by applying storey torsional moments to a 3D structural model, even
when the modal response spectrum method is used for the analysis of the response to the two
horizontal components. The effects of accidental eccentricity may be accounted for in a
simpler and conservative way by amplifying the results of the — linear static or dynamic, or
nonlinear static - analysis for each horizontal component by 1+0.6x/I., with x denoting
distance of the element of interest from the centre in plan and L the plan dimension, both
normal to the direction of the seismic action. In structures regular in plan and analysed with
two separate 2D models, the factor 0.6 is replaced by 1.2. Amplification of eccentricities
between centres of mass and stiffness is not required.

The elastic stiffness used in linear analysis should be the secant stiffness to yielding; it
may be taken as half of the uncracked stiffness of the gross concrete section. Nonlinear
analysis may use this value as pre-yield stiffncss (pre- and post cracking stiffnesses may be
considered also, if so-desired), and may neglect the effect of strain hardening on post-yield
(sitiffriess.) (Post-yield stiffness should be taken negative, if significant strength degradation

evelops).

The requirement on hysteresis rules to be used in nonlinear response-history analysis is
just to reflect realistically energy dissipation within the expected range of displacement
amplitudes. Nonlinear element models should be based on mean values of material properties,
which are higher than nominal values.

For linear analysis global displacements are generally calculated on the basis of the equal
displacement rule. Allowance is made for more accurate calculation, including the q-p-T
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relation by Vidic et al, 1994, given for the target displacement for pushover analysis.
Interstorey drifts 8 determined thereafter are used for the esumatlon of P-A effects as a ratio to

1*-order ones. If the ratio 8=P§/Vh exceeds 0.1 in any storey, 1%-order analysis results are
divided by 1-6.

3344 Information for the assessment

Similarly to the NEHRP “Guidelines for the Seismic Rehabilitation of Buildings” (ATC,
1997a, b) and the ASCE “Prestandard for the Seismic Rehabilitation of Buildings” (ASCE,
2000), depending on the amount and reliability of the information available for the as-built
structure, the partial safety factors used in the calculation of member capacities are adjusted
and limitation on the analysis method to be applied are posed.

The reference case regarding the available information is that of “normal knowledge”. It
entails knowledge for the structural geometry and the amount and detailing of its
reinforcement, which is sufficient for building a detailed structural model for either linear or
nonlinear analy31s It includes knowledge of member lengths, cross-sectional dimensions and
reinforcement from original construction drawings, confirmed through in-situ spot checks.
Material properties are derived either from the original specifications and construction
drawings, spot-verified in situ, or through limited in situ sampling and tests. For this level of
knowledge either linear or nonlinear analysis may be used, the values adopted for the partial
safety factors are those used for the design of new structures.

The case of “limited knowledge” involves information sufficient for building a structural
model only for linear analysis. [t corresponds to a situation in which original construction
drawings and specifications are not available and recourse has to be made to in situ
measurements of member lengths and cross-sectional dimensions (such information may also
be available from original construction drawings and in-situ spot checks for confirmation).
There is no information on the amount and detailing of the reinforcement or the originally
specified materials. Knowledge of the applicablc codes and the prevailing practice at the time
of construction is used to base default assumptions for the materials employed and to estimate
the amount of reinforcement from a simulation of the original design (to be confirmed
through spot checks). This level of knowledge may support only linear analysis (implying that
the structure assessed has sufficient force capacity to remain nearly elastic under all seismic
action levels considered in the assessment). Increased values of partial safety factors are
adopted, relative to those used for the design of new structures.

At the other extreme, the case of “full knowledge” includes knowledge of member
lengths, cross-sectional dimensions and reinforcement either from a comprehensive and in
depth survey of the structure and exposure of the reinforcement, or from detailed original
construction drawings, confirmed through in-situ spot checks. Material properties are derived
either from test reports at the time of construction, verified through sample checks in situ, or
from a comprehensive and extensive campaign of in situ tests, material sampling and lab tests.
For this level of knowledge linear or nonlincar analysis may be applied with a higher level of
reliability and reduced values of the partial safety factors may be adopted, relative to those
used in design of new structures.

3.3.4.5  Design of the retrofitting

Unlike the other regulatory-type documents overviewed herein, the June 2002 draft-EN of
Part 3 of Eurocode 8 provides not only general guidance for the conceptual design of the
retrofitting, but also detailed dimensioning rules for RC members strengthened through steel,
FRP or concrete jackets, etc., including expressions for the resistance and the deformation of
retrofitted elemcnts at yielding and at ultimate deformation capacity. These expressions bear
strong similarities with those given in Chapter 5 of the present report.

3.3.5 Alternative assessment on the baAsis of member chord rotations

335.1 Introduction

Another approach is presented here for displacement-based seismic assessment of RC
buildings (Fardis, 1998a, 1998b, 2001, Panagiotakos et al, 2002). The method comprises
estimation of peak inelastic chord rotation demands at the ends of RC members under the
seismic action and comparison with the corresponding capacities. Chord rotation at member
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ends is a very convenient measure of both demand and capacity: in linear analysis, as well as
in the simplest and most common element model for nonlinear analysis, namely the lumped
inelasticity model, chord rotation is the primary output variable for member deformations;
regarding capacity and its quantification, it is reminded that experimental data for
deformations are typically available in the form of specimen tip deflection or drift ratio, i.e.
essentially of chord rotation at the end where moment is maximum. The use of chord rotation,
rather than of displacement ductility factor or plastic hinge rotation, bypasses estimation of
deformations at yielding, thus avoiding one additional source of uncertainty. ‘

For the estimation of both demands and capacities, best estimates (mean values) of the as-
built material properties are used.

Mean or 95%-fractile values of seismic chord rotation demands, Og, and Ogy o5, are
estimated for the seismic action of interest, and compared with mean or 5%-fractile values of
the chord-rotation capacity, Oym and 04k 005, With a safety tfactor, y, depending on the target
safety margin for the verification of the performance level of intcrest.

3.3.5.2 Estimation of seismic chord rotation demands at member ends

Estimation of chord rotation demands under the seismic action of interest is based on the
fact that RC structures without masonry infills typically have an effective predominant period
of response to strong ground motions in the velocity-controlled part of the response spectrum,
where the equal displacement rule between elastic and inelastic SDOF systems applies well.
Then member chord rotations may be estimated from a 5%-damped linear elastic analysis,
either static with inverted triangular distribution of lateral forces, or modal response spectrum
(dynamic). Results of such elastic analyses represent on average well the peak inelastic
demands, Bgm.

Alternatively, chord rotation demands may be estimated from a nonlinear static
(pushover) analysis, carried up to a top (or a work-equivalent) displacement of the building
given by the 5%-damped elastic spectrum at the fundamental period T,. Either the top

displacement yp, or a work-equivalent displacement, defined as 8o = X miﬁiz /¥, m;d; (with

di denoting horizontal displacement of mass m;), may be used to establish the correspondence
between inclastic chord-rotation demands at member ends and the seismic action of interest,

described via its elastic 5%-damped spectrum.

For these two approaches to yield good estimates of inelastic chord rotation demands, the
structure should be considered in the analysis with member elastic rigidity equal to the secant
rigidity of the RC member at yielding of both ends in antisymmetric bending, i.e. as:

EI = M, L/66, (3-19)

In general four values of EI are computed in this way, considering positive or negative
bending at each end, and averaged into a single El-value. The yield moment My can be
computed from first principles. The chord rotation 0y at yielding is computed via eq. (5-2) of
this report (quoted also in column 3 of Table 4-2), accounting for flexural and shear
deformations and for bond slip of the bars. As noted in sections 5.3.3.4, 5.3.4.3 and 5.3.4.3 of
this report, for RC members repaired through epoxy injection or strengthened with concrete
Jackets, the yield moment M, and the chord rotation 8, at yielding (and hence EI) may be
obtained by applying multiplicative factors on the corresponding quantities computed as if the
member were monolithic.

The above version of the equal displacement rule was developed by Panagiotakos and
Fardis (1999) on the basis of about 1500 nonlinear dynamic analyses of several fairly regular
bare RC frame or dual structures, from 3 to 12 storeys, designed to the ENV versions of
Eurocodes 2 and 8 and to different combinations of peak ground acceleration and Ductility
Class, as well as to different versions of capacity design of columns in bending. Peak inelastic
chord rotations computed at member ends from these analyses were divided by the
corresponding elastic values obtained from a linear static or modal response spectrum analysis
using the 5%-damped elastic spectrum. The ratio of these values seems relatively insensitive
to the details of the structural configuration (at least for fairly regular geometries) and to the
intensity of ground motion (from the design earthquake to about twice that level). The
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inelastic-to-elastic chord rotation ratio depends systematically on the type of element
(horizontal or vertical), its elevation in the structure and the type of elastic analysis procedure
used. Table 3-5 presents means and 95%-fractiles of this ratio for chord rotations and
displacements, top or equivalent (mean). If one wants to keep in mind only one representative
value for the mean and one for the 95%-fractile, these values are 1.07 and 1.53 respectively
for chord rotations, 0.97 and 1.12 for top drifts, or 1.03 and 1.34 respectively for mean drifts
(roughly 1.0 and 1.5 for chord rotations, 1.0 and 1.25 for drifts).

Beam chord rotation Column or wall chord rotation Displacement

Mean 95%-fractile Mean 95%-fractile Mean 95%-fractile
Stat. Dyn. Stat. Dyn. | Stat. Dyn. Stat. Dyn. | Stat. Dyn. Stat, Dyn.
roof 1.2 125 185 1.7 | 115 1.0 1.9 165 | 085 1.02 104 121
base 1.0 12 135 165 09 0.85 1.1 1.05 - - - -
mean | 1.11 122 1.59 167|104 092 1.5 1.35 1.06 1.0 135 1.33

Table 3-5:  Mean and 95%-firactile building-averages of inelastic-to-elastic chord rotation and drift ratio

Beams Existing columns (assessment) Upgraded columns (redesign)
Bottom Top Bottom Top
mean 95%-fract. | mean 95%-fract. | mcan 95%-fract. | mean 95%-fract. | mean 95%-fract.
0.7 1.0 0.95 1.2 1.2 1.8 0.7 0.9 0.8 1.35

Table 3-6:  Inelastic-to-elastic chord rotation ratio in open-ground-storey of partially infilled buildings

The conclusions above were derived for new RC structures, which typically satisfy the
strong-column/weak beam rule of capacity design. Nevertheless, the nonlinear analyses on
which these results were based exhibit plastic hinging and inelastic deformations both in
columns and beams. For this reason the conclusion above (namely that an elastic analysis
using the 5%-damped spectrum and the secant-to-yield stiffness of all members in
antisymmetric bending, can be used to estimate member peak inelastic chord demands) is
expected to hold also for existing structures without significant engineered earthquake
resistance, under ground motions inducing overall ductility demands significantly higher than
1.0. It is also expected to hold even better for a retrofitted structure, which will have a more
uniform distribution of inelasticity. Detailed numerical results may differ from those in Table
1, if there is strong tendency for concentration of inelasticity in a single storey. For such cases
nonlinear static (pushover) analysis may be used, with target displacement (at the top or
work-equivalent mean displacement) obtained from a linear-elastic 5%-damped analysis and
the modification factors from the last four columns of Table 3-5.

Old RC buildings are often infilled in all storeys except the bottom one. Ground storey
columns are normally not designed for the concentration of inelastic seismic deformations
expected there. Several thousands nonlinear dynamic analyses of partially infilled multi-
storey buildings led to the conclusion that peak inelastic chord rotations at the ends of ground
storey beams and columns may be estimated from the 5%-damped spectrum and an
equivalent static analysis of the elastic structure, with the infills in all infilled storeys
modelled as rigid diagonal struts, by applying the factors of Table 3-6.

For single-storey planwise-regular RC structures, infilling reduces inelastic displacement
demands without affecting much the predominant period of nonlinear response to strong
motions. Chord rotations of RC members can be computed from an equivalent static elastic

analysis of the bare structure, considering a higher damping ratio due to the infills (Fardis,
1996):

E(%) =5+(2.5+ 5T - ST2)f,, , (3-20)

In eq. (3-20) T4 denotes the natural period of the bare frame with the secant stiffness of all its
members in antisymmetric bending and f, the total shear strength of the infills in the story,
normalised by the base shear of a rigid structure with the same mass, mag (a;=peak ground
acceleration). The increase in damping can be effected by multiplying results obtained for 5%
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damping by /7/(2+E&) . For structures with more (uniformly infilled) storeys, this procedure

significantly overestimates peak inelastic chord rotations, especially in the upper storeys.

Nonlinear static (pushover) analysis may also be used for the estimation of chord rotation
demands in fully or partially infilled RC buildings, including the members of an open ground
storey. For improvement over the linear-elastic procedure described so far, the nonlinear static
analysis should also include the infills as nonlinear diagonal compression struts. The target
top displacement can still be estimated from the 5%-damped elastic spectrum according to the
last four columns of Table 3-5.

The nonlinear static (pushover) analysis has an advantage over linear analysis, static or
dynamic, as far as estimation of internal forces. Internal forces are important for the brittle (or
force-controlled) failure modes and elements, ¢.g. in shear-critical members and beam-column
joints. Moreover, the chord rotation capacity of columns or walls, as well as the value of their
yield moment and effective stiffness, depend on their axial force N. If linear analysis is used
for the estimation of deformation demands according to Tables 3-5, 3-6, internal forces for
brittle failure modes should be estimated on the basis of the available member longitudinal
reinforcement and of equilibrium, as in capacity design calculations.

3.3.53  Deformation capacity and verification of members and joints

At the “Immediate Occupancy” performance level, member chord rotation demands 6g
(mean or 95%-fractile values) should be compared to the corresponding mean chord rotation
at yielding, given by eq. (5-2) of this report (quoted also in column 3 of Table 4-2).

At the "Life Safety" or the “Collapse Prevention” performance level, mean or 95%-
fractile values of member chord rotation demands are compared to the corresponding -
factored by ¥y - capacity, i.e. to the ultimate chord rotation, 6, of the member under cyclic
loading.

For flexure-controlled beams, columns or walls, eq. (4-6) or (5-12) of this report was
fitted to the results of a very large database of monotonic or cyclic tests to failure. This
expression should be applied with ac,c = 1 (cyclic loading) and ay = 1 (slippage of bars in the
anchorage zone beyond the member end).

For flexure-critical members without seismic detailing, the right-hand-side of eq. (4-6) or
(5-12) should by multiplied by a correction factor k, of 0.85.

The ultimate chord rotation given by eq. (4-6) or (5-12) (with the correction above for
members without seismic detailing) is considered as an expected value and denoted by 0.
Due to the large scatter, in the verification of chord rotations the lower characteristic value
(5%-fractile) of the deformation capacity is used instead of 0,n,. This 5%-fractile is equal to:

Ok 0.05=0.40ym (3-21)

Then the verification of flexure-controlled members at the "Life Safety" or the “Collapse
Prevention” performance level is:

YOEK 0.95<0uk 0.0 (3-22)

with y: safety factor against exhaustion of member deformation capacity at the performance
level of interest.

If the demand value O is derived from a linear-elastic analysis, the modification factors
for mean or 95% chord rotations from Tables 3-5, 3-6 should be applied to it. If derived from
pushover analysis, it only needs to correspond to thc mean or 95%-fractile value of top or
equivalent (mean) drift, obtained by applying to the 5%-damped elastic displacement the
multiplicative factors in the last columns of Table 3-5.

As noted in sections 5.3.3.4, 5.3.4.3 and 5.3.4.3 of this report, the procedure above may
be applied also to RC members repaired through epoxy injection or strengthened with
concrete jackets, by applying multiplicative factors on the member ultimate chord rotation
computed through eq. (4-6) or (5-12) considering the member as monolithic.

The database from which eq. (4-6) or (5-12) for 0, was derived includes elements with

shear span ratio, M/Vh, as low as 1.5, but does not contain shear-critical members, in which

fib Bulletin 24: Seismic assessment and retrofit of reinforced concrete buildings 85



Copyright fib, all rights reserved. This PDF copy of fib Bulletin 24 is intended for use and/or distribution only by National Member Groups of fib.

sometime during the cyclic response the nominal flexural capacity M, exceeds L times the
nominal shear capacity, Vg, as this decreases with the cyclic flexural ductility ratio, pu,=0/0y.
The possibility of pre-emptive shear failure should be evaluated separately, as development of
the chord rotation capacity 6, at member ends presupposes that the member does not fail
earlier in shear.

Assessment of members in shear is based on the verification that maximum shear force
during the response, Vg max, does not exceed shear capacity, Vg:

VE,maXSVR (3'23)

Eq. (4-13) or eq. (4-14) of this report provides Vy as a function of plastic chord rotation
ductility demand, u,"'=6"/8,, (6"=0-0y) at the member end where shear is checked. These
expressions were fitted to 154 cyclic tests, carried up to shear-controlled failure (some of
which on specimens with old detailing). For the purposes of the verification through eq. (3-
23), partial safety factors may be applied in the calculation of the value of Vg.

If the analysis is nonlinear static (pushover) the acting shear force Vg max is the “actual”
value from the analysis, taking into account the simuitaneously acting transverse loads, g+y»q
(for beams). Then shear can be checked at any step of the analysis, using the current values of
Ve on one hand, and of u0p1=(9-0y)/9y and N in eq. (4-13) or eq. (4-14) on the other. If the
analysis is linear (static or dynamic), in the nonlinear regime Vg max and N are overestimated.
‘Then Vg max at end 1 may be estimated as:

- +
Myi + My, (3-24)

VE,max,i = Vg+yyg0i T ]
n

In eq. (3-24) V1240 is the shear force at end 1 due to the simultaneously acting transverse
loads, g+y»q, considering the member as simply-supported; 1, is the member clear length;
Myi, My;" the yield moments at ends i and j, considering for beams tension at the top at end i
and at the bottom at j (in symmetrically reinforced columns or walls the value of My is
independent of its sence of action).

In columns the shear resistance Vg and the values of Myi, My;, in eq. (3-24) should be
based on consistent values of the axial force N. As both the demand, Vg max, and the supply,
V&g, increase with N, it makes sense to neglect the fluctuation of N during the seismic
response and to use in both places its value Ny+,2q due to gravity loads alone. The alternative
would be to check eq. (3-24) for two extreme values of N: a) the value at the balance point of
the M-N interaction diagram of the column (where the column yield moments, My; and My,
and hence Vg maxi, attain their maximum values) and b) the value N=0 for which the
component of shear resistance due to N vanishes. This alternative makes sense for exterior
columns, in which the fluctuation of the axial force during the seismic response is large.
Another alternative for these columns is to base the calculation of Myi, My; and Vg on the two
extreme values of axial force resulting from the capacity design shears, Vg max, of the beams
framing into the column in all storeys above, computed according to ¢q. (3-24) but with a + or
— sign on the 2" term, depending on which side of the column the beam frames into, and on
whether an unfavourable effect is produced or not. This alternative produces extreme results
only in exterior columns and even more so in corner ones, where the beams framing into the
column in the two horizontal directions should be taken to produce capacity design shears
either both upwards or both downwards.

Slippage of beam or column bars within joints contributes with a fixed-end rotation to the
chord rotation at member ends. In the proposed procedure this fixed-end rotation is taken into
account directly: a) in the calculation of 8, via cq. (5-2) of this report (reducing the member
effective rigidity, EI=M,L./66,) and b) in the increase in member chord rotation capacity by
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taking ag = 1.0 in the expression for the ultimate chord rotation, eq. (4-6) or (5-12). In
addition to contributing to these effects, beam-column joints develop very high shear forces
(and stresses) in their core, running the risk of preemptive shear failure. This is more so in
existing RC buildings, which typically have no shear reinforcement in the core of beam-
column joints. Such joints should be verified in shear and strengthened, if necessary.

In the proposed procedure the approach outlined previously in this chaptcr, namely eqgs.
(3-1) to (3-10) in (4) of 3.2.2.5, is applied for checking beam-column joints in shear. Joints
satisfying eq. (3-9) do not nced to be retrofitted. Nonetheless, placement of horizontal hoops
in column jackets around the joint core to take the full horizontal joint shear, Vj,, will control
any diagonal cracking that develops when the limit v, of eq. (3-9) is exhausted. If, however,
diagonal compression failure is identified through eq. (3-10), the (horizontal) dimensions of
the joint will need to be increased, to reduce the value of v; below the limit of eq. (3-10),
without increasing the longitudinal reinforcement of the most critical (weakest) elements
framing into the joint, to avoid increasing the joint shear force demand, Vj, or Vj,.

References

Aoyama, H., 1981, A method for the evaluation of the seismic capacity of existing reinforced
concrete buildings in Japan, Bulletin of the New Zealand National Society for Earthquake
Engineering, Vol. 14, No.3, 105-130.

ASCE, 1998. Handbook for the scismic evaluation of buildings — A prestandard. prepared by
American Society of Civil Engineers for the Federal Emergency Managcment Agency
(FEMA Report 310), Reston, Va.

ASCE, 2000. Prestandard for the seismic rehabilitation of buildings. Prepared by American
Society of Civil Engineers for the Federal Emergency Management Agency (FEMA
Report 356), Reston, Va.

ASCE, 2001. Seismic evaluation of existing buildings. ASCE draft Standard, 4" Ballot,
American Society of Civil Engincers, Reston, Va.

Ascheim, M.A. and Moehle, J.P. 1992. Shear strength and deformability of RC bridge
columns subjected to inelastic cyclic displacements. Univ. of California, Earthq. Engng.
Res. Center, Rep. UCB/EERC-92/04, Berkeley, Ca.

ATC, 1997a. NEHRP Guidelines for the seismic rehabilitation of buildings. Applied
Technology Council, for the Building Seismic Safety Council and the Federal Emergency
Management Agency (FEMA Report 273), Washington, D.C.

ATC, 1997b. NEHRP Commentary on the guidclines for the seismic rehabilitation of
buildings. Applied Technology Council, for the Building Seismic Safety Council and the
Federal Emergency Management Agency (FEMA Report 274), Washington, D.C.

Bommer, J.J., Elnashai, A.S., Chlimintzas, C. and Lee, D., 1998. Review and development of
spectra for displacement-based seismic design. Research Report ESEE/98-3, Engineering
Seismology and Earthquake Engineering Section, Imperial College, London, UK.

Borzi, B., Elnashai, A.S., Faccioli, E., Calvi, G.M. and Bommer, J.J., 1998. Inelastic spectra
and ductility-damping relationships for displacement-based seismic design. Research
Report ESEE/98-4, Engineering Seismology and Earthquake Engineering Section (joint
report with Politenico di Milano, [taly), Imperial College, London, UK.

BSSC, 1999. Case studies: An assessment of the NEHRP guidelines for the seismic
rchabilitation of buildings. Prepared by the Building Seismic Safety Council for the
Federal Emergency Management Agency (FEMA Report 343), Washington, D.C.

BSSC, 2001. NEHRP recommended provisions for seismic regulations for new buildings and
other structures. 2000 Edition, Building Seismic Safety Council for the Federal
Emergency Management Agency (FEMA Rep. 368, 369), Part 1: Provisions (FEMA
Report 368) 374p; Part 2: Commentary (FEMA Report 369) p.444, Washington, D.C.

Calvi, G.M. and Pavese, A. 1995. Displacement based design of building structures. Proc. of
the Fifth SECED Conference on European Seismic Design Practice, Chester, UK, edited
by A.S. Elnashai, pp. 127-132, Balkema, Rotterdam.

CEB 1983. CEB Bulletin 162 - Assessment of concrete structures and design procedures for

fib Bulletin 24: Seismic assessment and retrofit of reinforced concrete buildings 87



Copyright fib, all rights reserved. This PDF copy of fib Bulletin 24 is intended for use and/or distribution only by National Member Groups of fib.

upgrading (Redesign). Comité Euro-International du Béton, Lausanne.

CEB, 1997. CEB Bulletin 236 - Seismic design of reinforced concrete structures, Chapter 6:
2A052essment of existing buildings. Comité Euro-International du Béton, Lausanne, pp. 159-

CEN, 1996. European prestandard ENV 1998-1-4:1996: Eurocode 8: Design provisions for
earthquake resistance of structures. Part 1-4: Strengthening and repair of buildings.
Comite Europeen de Normalisation, Brusells.

CEN, 2002a. Draft European Standard prEN 1998-1: Eurocode 8: Design of structures for
earthquake resistance. Part 1: General rules, seismic actions and rules for buildings.
Revised Final Project Team Draft (preStage 49), Doc. CEN/TC250/SC8/N317, Comite
Europeen de Normalisation, Brusells.

CEN, 2002b. Draft European Standard prEN 1998-3: Iurocode 8: Design of structures for
earthquake resistance. Part 3: Strengthening and repair of buildings. Draft No.2. Doc.
CEN/TC250/SC8/N306. Comite Europeen de Normalisation, Brusells.

Chopra, A K. and Goel, R.K. 2000a. Capacity-demand diagram methods based on inelastic
design spectrum. 12" World Conference on Earthquake Engineering, Paper No. 1612,
Acapulco, Mexico.

Chopra, A.K. and Goel, R.K. 2000b. Evaluation of NSP to estimate seismic deformation: SDF
systems. Journal of Structural Engineering, Vol. 126, No. 4. pp. 482-490.

Chopra, A.K. and Goel, R.K. 2001. Direct displacement-based design: use of inelastic vs.
elastic design spectra. Earthquake Spectra, Vol. 17, No. 1, pp. 47-64.

Chopra, A K., Goel, R.K. and Chintanapakdee, C. 2001. Statistics of SDF-system estimate of
roof displacement for pushover analysis of buildings, PEER Report 2001/16, Pacific
Earthquake Engineering Research Center, College of Engineering, University of
California, Berkeley.

Fajfar, P. and Fischingerth. 1988. N2 - a method for nonlinear seismic analysis of regular
RC buildings. Proc. 9" World Conference in Earthquake Engineering, Tokyo-Kyoto, Vol.
V, pp.111-116.

Fajfar, P. 1999. Capacity spectrum method based on inelastic demand spectra. Earthquake
Engineering and Structural Dynamics, Vol. 28, pp.979-993.

Fajfar, P. 2000. A nonlinear analysis method for performance-based seismic design.
Earthquake Spectra, Vol. 16, No. 3, pp.573-592.

Fardis, M.N. (editor). 1996. Experimental and numerical investigations on the seismic
response of RC infilled frames and recommendations for code provisions,
ECOEST/PRECS8 Report No.6, Laboratorio Nacional de Engenharia Civil Publications,
Lisbon, 199p.

Fardis, M.N. 1998a. Assessment of resistance of RC structures to lateral loads, Proceedings,
Centro Internazionale di Aggiornamento Sperimentale-Scientifico, International Seminar
“Evoluzione Nella Sperimentazione per le Costruzioni, Corinth (GR).

Fardis, M.N. 1998b. Seismic assessment and retrofit of R/C structures, Invited Lecture, Proc.
11th European Conference on Earthquake Engineering, Paris. .

Fardis, M.N. 2001. Displacement-based seismic assessment and retrofit of reinforced concrete
buildings, Proc. 20th European Regional Earthquake Engineering Seminar, European
Association of Farthquake Engineering, Sion (CH).

Freeman, S.A. 1978. Prediction of response of concrete buildings to severe earthquake
motion. Douglas McHenry International Symposium on Concrete and Concrete Structures,
ACI SP-55, American Concrete Institute, Detroit, MI. pp.589-605.

[art, G. 1994. Typical costs for scismic rchabilitation of buildings, Volume 1: Summary.
Prepared by G. Hart Consultant Group for the Federal Emergency Management Agency
(FEMA Report 156), Washington D.C.

Hirosawa, M., Sugano, S. and Kaminosono, T., 1995, Essentials of current evaluation and
retrofitting for existing and damaged buildings in Japan, Japan International Cooperation
Agency, Tsukuba International Center, Tsukuba-shi, Ibaraki-ken.

Japan Building Disaster Prevention Association, 1977. Standard for evaluation of seismic
capacity and guidelines for seismic retrofit design of existing reinforced concrete
buildings. (in Japanese, revised in 1990).

Japan Building Disaster Prevention Association, 1996. Law for promotion of seismic
srengthening of existing reinforced concrete structures and rclated commentary. (in
Japanese).

88 3. Review of seismic assessment procedures



Copyright fib, all rights reserved. This PDF copy of fib Bulletin 24 is intended for use and/or distribution only by National Member Groups of fib.

Krawinkler, H. 1994. New trends in seismic design methodology. Proc. 10" European
Conference in Earthquake Engineering, Vicnna, Vol. 2, Balkema, Rotterdam, pp.821-830.

Kowalsky, M.J., Priestley, M.J.N. and MacRae, G.A. 1995. Displacement-based design of RC
bridge columns in seismic regions. Earthquake Engineering and Structural Dynamics, Vol.
24 No. 12, pp. 1623-1643.

Mainstone, R.J. 1971. On the stiffnesses and strengths of infilled frames. Proc. Institution of
Civil Engineers, iv 7360s.

Moehle, J.P. 1992. Displacement-based design of RC structures subjected to earthquakes.
Earthquake Spectra, Vol. 8, No.3, pp.403-428. _

New Zealand National Society for Earthquake Engineering. 1996. The assessment and
improvement of the structural performance of carthquake risk buildings. Draft for General
Release.

New Zealand National Society for Earthquake Engineering. 2002. The assessment and
improvement of the structural performance of earthquake risk buildings. Draft prepared
for the NZ Building Industry Authority.

Otani, S. 1974. Inelastic analysis of R/C frame structures. J. Struct. Div., ASCE, Vol. 100, ST7,
pp. 1433-1449.

Otani, S. and Kaminosono, T., 1999, Seismic retrofitting technology for reinforced concrete
buildings in Japan, Proc. of U.Ersoy Symposium on Structural Engineering, Middle East
Technical University, Ankara, pp. 59-80.

Otani, S., 2000, Seismic vulnerability evaluation methods in Japan, Proc. of Tubitak-World
Bank Workshop on a Seismic Assessment and Retrofitting Strategy for Turkey, (U Ersoy,
ed.), Tubitak, Ankara.

Panagiotakos, T.B. and Fardis, M.N. 1999. Estimation of inelastic deformation demands in
multistorey RC buildings, J. of Earthquake Engineering and Structural Dynamics, Vol.29,
pp- 501-528.

Panagiotakos, T.B. Kosmopoulos, A.J. and Fardis, M.N. 2002. Displacement-based seismic
assessment and retrofit of reinforced concrete buildings, Proc. 1st fib Congress, Paper
No.W-177, Osaka.

Priestley, M.J.N. and Calvi, G.M. 1991. Towards a capacity design assessment procedure for
reinforced concrete frames, Earthquake Spectra, Vol. 7, No. 3, pp.413-437.

Priestley, M.J.N.1997. Displacement-based seismic assessment of reinforced concrete
buildings, J. of Earthquake Engineering, Vol. 1, No. 1, pp.157-192. ‘

Saiidi, M. & Sozen, M.A. 1979. Simple and complex models for nonlinear seismic responsc
of R/C structures, Civil Engrg Studies, Str. Res. Series No0.465, Un. of Illinois, Urbana, IlI.

Shibata, A. and Sozen, M.A. 1976. Substitute-structure method for seismic design in R/C, J.
of Structural Division, ASCE, January.

Takeda, T. Sozen, M.A. and Nielsen, N.N. 1970. R/C response to simulated earthquakes, J. of
Struct. Div. ASCE, Vol. 96, ST12, pp. 2557-2573.

Vidic, T., Fajfar, P. and Fischinger, M., 1994. Consistent inelastic design spectra: strength and
displacement. Earthquake Engineering and Structural Dynamics, V.23, pp.502-521.

Watanabe, F. and Sumi, A., 1998, Assessment of seismic performance and upgrading of
building structures, Proc. 13" FIP Congress on “Challenges for Concrete in the next
Millenium”, (D. Stoelhorst & G.P.L. den Boer, eds.), Balkema, Rotterdam, pp. 851-864.

fib Bulletin 24: Seismic assessment and retrofit of reinforced concrele buildings 89

=



Copyright fib, all rights reserved. This PDF copy of fib Bulletin 24 is intended for use and/or distribution only by National Member Groups of fib.

4 Strength and deformation capacity of non-seismically
detailed components

4.1 Introduction

This Chapter deals with reinforced concrete structural components that do not conform to
modern standards for earthquake resistant detailing. Such components often comprise
materials of substandard quality. For convenience such components are termed here “old-
type” components. Depending on the global characteristics of the structural system and the
imposed local deformation demand, poorly detailed elements may become the critical
components during seismic excitation, as they generally possess inadequate resistance to
reversed cyclic load. Experience from past earthquakes has repeatedly shown than when
subjected to cyclic inelastic deformation rcversals, old-type components undergo a fast
deterioration and degradation of strength, failing in a brittle fashion with fatal consequences
for the integrity of the structure as a whole.

The inventory of reinforced concrete structures that qualify under the classification of old-
type is vast throughout seismic regions of the world. A major shift in international seismic
design codes occurred in the early 1980’s introducing the modern form of detailing with
closed stirrups and proper reinforcement anchorage as a required practicc. Structures designed
prior to that point conform to a variety of earlier standards, as these evolved through the years
from the post world-war era to the 1980’s. Typical of reinforced-concrete design practice of
that period is that member dimensioning was driven by considerations of allowable stresses,
with little or no emphasis placed on the role of transverse reinforcement as a means of
confinement. As evidenced in reconnaissance reports following the destructive earthquakes of
the last 25 years worldwide the following are commonplace in older construction:

e Use of low reinforcement ratios (longitudinal and transverse).

o Insufficient details, particularly with regards to anchorage of transverse reinforcement.

e Low concrete strengths; non-uniform distribution of concrete quality throughout the

structure, particularly in very old structures (due to concreting in ficld-mixed batches).

e Poor anchorage of reinforcement — smooth bars with end hooks, usually lower steel

strengths.

¢ Insufficient lap-splice lengths and lap splices of column reinforcement just above the

floor level.

¢ Discontinuous load paths (inadequate reinforcement in beam column joints,

insufficient bar anchorages).

e Discontinuous reinforcement.

e Design (dimensioning) based on allowable stresses, with no consideration of capacity-

based hierarchy of available strengths.

o Compounded effects due to corrosion of stecl (either from carbonation or chlorides)

and cracking / deterioration of concrete from exposure to climatic changes.

Of the published experimental evidence relatively few tests concern components
representing former code practices. Even fewer were conducted under cyclic load histories
that simulate earthquake effects. The general conclusion that may be deduced from the tests is
that the monotonic envelope offers an overly optimistic view of the expected response of old-
type components and -should not be used as a reference in assessment. Note that in the
absence of adequate confinement, both basic indices of performance, namely strength and
deformation capacity (deformability) are affected dramatically by the cyclic nature of the
seismic load, in that the various mechanisms that contribute to seismic resistance do not
degrade proportionately. For example, mechanisms that rely on contributions from concrete
in tension (diagonal tension failures) and steel in compression (limited by longitudinal steel
buckling) are more susceptible to damage buildup that accompanies reversal of load.

Primary objective of this chapter is to quantify the relationship between design parameters
and performance of reinforced concrete members that classify as old-type construction, under
load conditions that simulate earthquake effects. Because of the complexity of the problem
and the need for conservative estimates, lower bound curves are sought in quantifying a
reliable measure of lateral load strength and deformability. This objective is pursued using
vartous analytical approaches, but also by processing the availablc experimental evidence
which was assembled in the form of a database of published tests; some, but not many, of the
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experiments concern components that may be characterized as “old-type” based on the criteria
listed above. To address the large variety of combinations of variables, results of parametric
analyses will also be considered.

4.2 Typical characteristics of older type construction

In assessing strength and deformation capacity of old-type components with analytical
mcthods and empirical tools it is necessary to consider the systematic differences between
former construction practices and the modern controlled conditions in the field and the
laboratory. Differences concern all aspects of construction but three principal parameters
prevail that characterize the structural product, namely, (a) material characteristics, (b)
detailing practice, and (c) design principles relied upon for dimensioning (i.e., whether failure
modes have been prioritized by design or not).

Another aspect is layout and discontinuities in stiffness and mass: up to the early 1960’s,
several codes required a minimal ratio of wall to floor area in each principal direction of the
building (0.002N; where N; the number of storeys), in addition to columns. Walls were lightly
reinforced compared to modern standards, however, due to the use of small spans and
masonry infills for room partitions, structures of the pre-60 period in their majority arc rigid.
For example, a typical six-storey building of that period would have 2x1.2% = 2.4% of the
base floor in walls, which corresponds to a certain level of elastic lateral stiffness and yield
strength. Based on damage statistics concerning several reinforced concrete buildings in
Turkey, Gulkan and Sozen (1999) and Sozen (2001) have shown that the risk of seismic
damage for buildings with such a high floor ratio of wall area is substantially reduced and
becomes negligible for even higher ratios. Large wall area ratios control the seismic drift
below the levels that would try the deformation capacity of poorly detailed structural
members. Unfortunately, this conservatism gave way to greater freedom in terms of larger
span widths, use of open ground storeys and larger open spaces without infills in the 1960°s
and 70’s, a period when frame analysis capabilities under lateral load had improved while
understanding of seismic detailing was still very poor. For this reason, structures built in that
era appear to be the most susceptible of all other groups of engineered old construction, to
earthquake-induced damage.

4.2.1 Material characteristics

Material properties in older type construction show greater variability, duc to the more
primitive methods of concreting used 50 years ago as compared to today (eg. field-mixed
concrete batches vs. pumped ready-mix concrete). Specified strengths used in design of
building structures were generally lower than today, in the range of 160 — 250 kg/cm” (mean
values). The corresponding characteristic strengths (fck) adopted in modern Eurocodes (e.g.
EC2) are in an approximately linear rclationship with the strength values used before
(considering the 8 MPa difference between characteristic and mean value). For example, C12
(Bnl50 accordmg to DIN 1045) is almost the same as B225 (nominal cubic strength of
225kg/cm?), whereas C20 (Bn250) is slightly over B30.

Evaluation of older components should consider evidence of possible cracking, whereas
from the appearance of the cracking patterns it should be investigated whether these suggest
deterioration of the material structure due to deleterious phenomena (alkali-aggregate
reaction-AAR, delayed ettringite formation-DEF) or they are evidence of structural distress
(FEMA 273, 1997). In general, all expansive physicochemical processes (such as AAR or
DEF) cause deterioration of the mechanical strength, particularly on mechanisms of resistance
that rely on tension. However, assessing the global effects of these processes is neither
straightforward nor unidirectional — the presence of steel reinforcement is known to delay or
even stop the expansion, inducing second order clamping forces that - depending upon the
boundary restraints - may even increase some strength parameters (Pantazopoulou and
Thomas 2000).

Steel reinforcement varies in terms of quality (strength and ductility) and surface
characteristics (smooth bars or G class in DIN488, and ribbed bars or class R in DIN488). In
very old construction even bars of non-rectangular cross sections may be found. Based on
published standards from the 1960s and 197OS in several Europcan countries steel
reinforcement qualities were Stl (f,=2200 keg/cm?), SUII ( (fyk =4200kg/cm?), StIV (f,=5000
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kg/cmz), or according to DIN 1045/1972 and DIN 488, BSuU, BStIlI and BStIV with
characteristic yield strength / fracture strength of 22/34, 42/50, 50/55 kp/mm?, respectively.
Ribbed reinforcement was introduced in structural design in the 1960’s, but in southern
Europe smooth bars continued to be used up to the late 1970s in building structures. Related
rib areas, fr, and rib height h, of ribbed bars in use in the 1960s and 1970s were, for ®6:
fr=0.04, h,=0.4, for ®8: fgr =0.05, h,=0.55, for ®10: fr=0.055, h,=0.7 and for bar diameters
above ®©12: fg=0.065, h,>0.8. (Beton-Kalender, 1970).

Under normal circumstances and in the absence of the deleterious effects of corrosion,
properties of steel reinforcement present much less variability than concrete. However, the
likelihood of reinforcement corrosion ought to be assessed by careful evaluation because its
effects on the mechanical properties of steel and on the steel to concrete bond are manifold.
In the older-type low strength concretes, porosity is high, a characteristic that accelerates
carbonation of the cover; steel corrosion due to carbonation is usually spread out over large
lengths of the bar. In general, corrosion causes embrittlement of steel, loss of bar section (if
of the pitting type, usually associated with chloride-induced corrosion) and cracking of the
concrete cover with attendant losses of bond, whereas the intersitial layer of soft corrosion
products between bar and the surrounding concrete acts as a bond breaker reducing friction
even more, especially for bars with smaller rib heights.

Absent detailed experimental results from tests with smooth corroded bars, experiments
conducted on ribbed bars arc used to guide the assessment: Stanish et al. (1999), proposed the
following expression for mean bond strength of corroded bars: fycon=(0.75-5.4AD/ONWF,
(MPa), where A® represents the diameter depletion due to corrosion. Similarly, Rodriduez et
al. (1994) related bond strength of corroded reinforcement to corrosion penetration depth X o,
including the confining action that the stirrups provide: fpcon=0.6fcm((c/d)+0.5)(1-
ﬁxcm“)+(kAslfysllsd), where B, p and k are empirical constants, s the spacing of web
reinforcement and d the effective cross-sectional depth. (The above expressions should be
used with caution in assessment, because concrete strengths used in the reference tests are
relatively high.)

4.2.2 Older - type detailing

In the presence of confinement many of the influences of material imperfections noted
above are suppressed or attenuated, with the noted exception of har section loss due to pitting
corrosion. Basically, the quintessential difference in design between today and 30 years ago
has been in the emphasis placed on transverse reinforcement as a means of confinement. In
older codes stirrups were recommended: (a) for support of the longitudinal reinforcement
against buckling, (b) to resist a
small fraction of the design
shear force and (c) for torsion.
The German DIN 1045
reflects the spirit of the period:
reinforcement placement was
driven by the concern that
principal reinforcement should
cross every possible crack
path. For this reason the
designer was encouraged to
bend the main bars, in order to
provide for shear resistance of
prismatic  members.  This
practice was quite widespread
in Europe and North America.
A late example of this

Test Specumens 3004, 8005, 3202. and 320+ Test Specimen 8202 phl]OSOphy lS illustrated in
Fig. 4-1, showing the proposed

Fig. 4-1:  Characteristic example of former detailing philosophy arrangements for knee joint
(from Skettrup et al. 1984) reinforcements. In that

problem, it had already been
shown experimentally long
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time ago that it was impossible to realize the design strength of the connection under
monotonic and reversed loads with the accepted reinforcement details. The perpetual research
effort of the 60’s and early 70’s was to improve the pattern of bending and anchoring the
principal reinforcement in the joint, but yet no consideration for stirrups is mentioned in the
regulatory literature of the period as a solution to the problem.

(a) Some excerpts of the Beton-Kalender (1970), which is based on DIN 1045, are as follows:

Minimum tension reinforcement ratio in prismatic reinforced concrete elements was 0.4%;
however this percentage was calculated over the statically required concrete section (SRCS)
(this implies that smaller amounts were possible in very large sizes of concrete sections).
Compression reinforcement was at most equal to the tension reinforcement. Minimum bar
diameter allowed for longitudinal reinforcement was ©14 for St or StIT and ®12 for St IlI or
StIV. Maximum distance between parallel longitudinal bars in compression elements was
300mm. The minimum number of bars in rectangular columns was four (with section
dimension not exceeding 400 mm), Minimum cross section size was 200x200 mm, with the
minimum percent of longitudinal column reinforcement controlled by the slenderness ratio of
the column (psmi. the percentage of minimum longitudinal rcinforcement over the
SRCS, was interpolated betwecn the limits ps 20.5% for H/b, <5 and ps 20.8% for H/h,
>10, where H the centre to centre distance between successive floors, and b, = min
{b,h}). The maximum value py .« over the SRCS was 3% for low quality concrete or 6%
for normal strength concrete, with the requirement that when maximum amounts are used, lap
splices be welded. For circular columns: 1%<ps<6% of the corc area, with thc volumetric
spiral ratio pssp<3ps. Minimuin stirrup size was @5 for separate bars or ¢4 for wire mesh.
For columns, maximum stirrup spacing smax = min{b,, 12d;}; for spirals, the step Spax =
min{80mm, D./5}.

The total area of shear reinforcement in a region with a moment gradient of V=AM/L; is
Agnear = AM/z-6y. This comprises contributions of the equivalent arca of longitudinal bars bent
at 45-60° with respect to the longitudinal axis, AN2cosp (B=0-15° respectively) and transverse
stirrups having total leg area Ay per stirrup layer. The total amount Agpe, = ANZCOSB + Ay =
A1+ Ay, le. the total arca of shear rcinforcement Agne,r €quals the sum of tension
longitudinal reinforcement at midspan (Ag, ) and support (Ay) 2). In shear design stirrups were
assumed to secure inferaction between Lension and compression zones in the cross-section.
Section size was determined by the requirement that average shear stress over the cross
section was below 16-18 kp/cm” (for B160-13225). The entire shear force would be resisted by
bent bars and stirrups if average shear stress exceeded 6-7 kp/cm?, in which case the
maximum allowable spacing of stirrups was 150 mm. The general recommendation was that
the larger component of shear force he resisted by bent bars rather than stirrups (stirrups were
assigned to resist 25% to 50% of the allowable shear force only).

(b) Similarly, the design requirements of the 1963 ACI Code (ACI 318-63) were:

Minimum cross sectional dimension of load-carrying columns was Dy=10 in. or b, =
min{b, h} = 8 in., with minimuin area A, = 96 sq in. Statically effective area used for
stress and minimum reinforcement calculations is taken as at least halif the available A..
Limits for column longitudinal reinforcement over A, were: 1%<p,<8%, with @) nix =
5/8 in. At least six =nd four bars were required in circular and rectangular columns
respectively.

Lateral ties in rectangular columns were at least @i, = 1/4 in. spaced at the
minimum of {16®,, 48®,, b,}. Volumetric ratio of spiral steel: pssp =2 0.45(AJA-
Df./f,. Every corner and alternate longitudian| bar had to be supported by the corner of
a tie bent at an angle of at most 135", and lateral distance between long. bars was < 6
in. In beams, closed ties with ® i, = 1/4 in. spaced at the min of {16®,, 480,} were
requircd over the anchorage length of compression reinforcement. Shear
reinforcement could comprise combination of stirrups and bent bars; concrete
contribution was taken 1.1Vf, for working stress design and 2¢Vf, for ultimate
strength design (capacity reduction factor ¢=0.85). The corresponding maximum
allowable stresses for an unreinforced section were 1.75Vf. and 3.5¢Vf.. No one type
of reinforcement was assumed to resist more than 2/3 of the total shear carried by all
forms of web reinforcement (bent bars plus stirrups). For shear stress demands < 3V,
(allowable stress design) or 6¢Vf. (ultimate strength design), maximum spacing of

94 4. Strength and deformation capacity of non-seismically detailed components



Copyright fib, all rights reserved. This PDF copy of fib Bulletin 24 is intended for use and/or distribution only by National Member Groups of fib.

shear reinforcement was d/2, whereas for higher demands maximum tie spacing was
d/4 (demands were limited by 5Vf, in working stress design, or qu)\/fc in ultimate
stress design). Note that when shear reinforcement was required, the minimum amount
Was Pw.min = Ag/sb = 0.0015.

Spiral column reinforccment consisted of evenly spaced continuous spirals having
a minimum diameter of 1/4 in. (or No. 4 gage wire), having centre to centre spacing <
D /6 (where D, the diameter of the core), and a clear spacing < 3 in. The reinforcing
spiral extended over the clear length of the column.

Minimum bearing wall thickness was 4% of the unsupported height or width, or 6 in.
thick for the upper two storeys. 7 in. were required for taller walls. Minimum thickness for
panel and enclosure walls was 4 in. Minimum reinforcement percentages in the horizontal
and vertical directions were 0.0025 and 0.0015, having ®,,;, =3/8 in. at a maximum
spacing on centres of 18 in.

DIN1045 ACI 318-63
steel:  |bottom-cast bars |top-cast bars f,=40-50-60 ksi, top|f;=40-50-60 ksi,
cast bottom cast
concrete |B160-B225-B300 {B160-B225-B300
fho 5-6-8 kp/cm’ 5-6-8 kp/cm” min{0.5f,r, 0.16ksi} [min{0.5 fur, 0.16ksi}
for 11-16-21 kp/cm® [6-8-11 kp/cm®  |min{3.4Vf. /®, 0.35ksi} [min{4.8Vf. /D, 0.5ksi}
Ay 6d 120 6in 6in
As 120-100-100 240-160-120  [max{d,12¢}"" max{d,1201}"
Ag 30P0-250-150 60d-500-300  [max{d, 1/16L}" max{d, L/16}"”
Ay 350-300-250 650-550-400  |24D0-300-36D >120  |24P0-300-360 >120

“measured from the point where the bar is no longer needed to resist flexural stress;

Pmeasured from the point of inflection.

Table 4-1: Minimum requirements for anchorage and splicing of reinforcement
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Fig. 4-2: Definition of terms in Table 4-1

(c) Reinforcement Anchorage

Old-type requirements for reinforcement anchorage are considered separately in this
section, due to their quintessential importance on the behaviour of many different types of
members. Relevant information is listed in Table 4-1 as per DIN1045 and ACI318-63, with
reference to Fig. 4-2. According to DIN1045, tension reinforcement (smooth bars) was
anchored with 180-hooks. Bottom tension reinforcement in beam spans should be extended
to the supports or bent upwards, so that it be anchored in the compression zone of the
member. Lap splices were discouraged for tension steel, but when unavoidable, they should
be placed in regions of low tension, such as points of inflection, and should include 180°-
hooks at the ends; ruqu1red lap length was calculated from the allowable steel stress (1400,
1800, 2000 kp/cm? for each category of steel) and allowable bond stress as in Table 4-1. For
ribbed reinforcement, hooks could be avoided if stirrups (unspecified amount) were used as
an alternative in the lap or anchorage zone. Again, particular emphasis was placed on the
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requirement that all reinforcement be anchored in the compression zone of the member.

Similar to DIN1045, anchorage of tension reinforcement in the ACI318-63 specifications
was also achieved by means of bending the bars across the web and anchoring them in the
opposite face of the member. Reinforcement anchorage should occur in the compression zone
of the member, unless either the minimum amount of stirrups required for shear was supplied
in the region of the curtailment, unless shear stress was less half the permissible value, or the
remaining bars provided double the area required for flexure or double the perimeter required
for bond. The length of bar bent into a hook was considered effective in developing bond
(standard hook extensions were 4@ and 6 for 180° and 90° hooks, respectively). Critical
sections for bond were supports, points of curtailment and points of inflection.

Lap splices were discouraged for bar-sizes larger than No.11 (35mm). Tension splices
were designed to transfer the computed stress of the bar without exceeding 75% of the
permissible bond values. Minimum tension splice lengths are given in Table 4-1; compression
splices were 200, 24® and 300 for f,<50 ksi (350 MPa), f,=60 ksi (420 MPa), and f,=75 ksi
(520 MPa) respectively and f>3 ksi (20 MPa). These values were increased by 30% for lower
concrete strengths. Values for smooth bars were twice those for deformed bars. Offsetting of
vertical compression reinforcement in columns was permitted at an angle 1:6. For splices in
close proximity, the minimum amount of stirrups was also required (see the parts of sections
(a) and (b) above which refer to shears).

4.3 Strength and deformation capacity of prismatic components
43.1 Problem definition

It may be easily concluded from the prcceding that old-type components have sparse,
small diameter stirrups meant to support compression reinforcement against buckling and to
supply a small fraction only of shear resistance. Stirrups as a possible means of confinement
of deformed bars was only used in lap-splices and points of curtailment of reinforcement in
both the North American and the European practice, but not with mandatory emphasis, for
they could be substituted by an increase in anchorage length or by the use of hooks. For
members with very low amounts of confinement (maximum effective confining pressure less
than 10% of f.) the increase from the reference unconfined values of either strength or
deformation capacities effected by the stirrups can be negligible, especially when considering
the reversed cyclic nature of the scismic load. In any case, dependable rotation ductility
factors in plastic hinge regions are unlikely to exceed the value of 2 for such lightly confined
members. Note that for S400 steel and for every increase by 1% of the effective volumetric
confining steel ratio, the maximum effective confining pressure increases by only 2 MPa.

In the case of assessment of existing concrete structures, it is probably most important to
consider a lower bound for both strength and deformation capacity given the sparseness of
confining reinforcement. Although assessment is done on a case by case basis, a consistent
methodology of calculating the lower bounds is sought. In this regard, mechanistic models
derivable from first principles are attractive, for they provide the user with a plausible
explanation of physical behaviour.
However, recent research has
\% illustrated that such an approach

may also be unconservative, for it

------- may lead to vast overestimation of

AV ey deformation capacity and residual
.......... strength, particularly when dealing
Viresidua with mechanisms that rely on
concrete  tension (Inmel and

. > Aschheim 2002).

Atacger Bes An alternative to mechanistic
models, empirical relations have
been used to guide assessment,
with the caution that the tests
relied upos for extracting design
relations be conducted under

Fig.4-3: Definition of residual strength for assessmen?
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repeated complete reversals of load to simulate the degradation process that occurs during the
earthquake. For example, residual strength values associated with a certain level of
displacement capacity should preferably be obtained after the third complete reversal of load
to the target displacement (Fig. 4-3). Both analytical and empirical approaches are considered
in the remainder of this chapter.

4.3.2 Detailed calculation of strength and deformation capacity of prismatic old-
type components

The question of systematically calculating an estimate of strength and deformation
capacity of reinforced concrete elements under flexure-shear reversals with and without axial
load has been at the centre of ongoing research activity worldwide. Several models have
prevailed in the international literaturc (Park and Paulay 1975, Lehman et al. (1998),
Panagiotakos and Fardis (2001), FEMA 273 (1997), Priestley et al. (1996)). The success of
some of these models in reproducing experimental strength values is very good when flexural
failures dominate the response, but their performance, as measured by the amount of scatter
between experiment and analysis, deteriorates increasingly, when they are used to estimate
shear capacity and the various indices of deformation (i.e., curvature, drift, displacement, or
ductilities thereof). For example, although the mean ratio of estimated to measured
deformation capacities obtained over a large number of specimens is around 1. the analytical
cstimations may differ from the experimental measurements by as much as 100%. To address
this issue, Panagiotakos and Fardis (2001) have proposed the use of lower characteristic
values for drift capacity, 6,, rather than the mean values, 8,,; based on regression analysis
that they conducted on a database of a large number of tests the authors concluded that 0,
=0.55-0,m if cyclic responsc is considered. The 0.55 factor is reduced even further to 0.4,
when considering monotonic test results.

Furthermore, it appears that no unique index of deformation capacity is invariant to
member dimensions, so as to be used as a single measure of inelastic deformability (Inel and
Aschheim 2002).

tana=L/d

T

In most of the available models, dcformation capacity at yielding and ultimate is
computed using the lumped inelasticity cantilever — “stick model”- with a tip load, as shown
in Fig. 4-4 a (exception to this is the empirical model in Fardis and Panagiotakos (2001). The
length of the cantilever L corresponds to the shear span of an actual frame member under
lateral sway; the aspect ratio of the member Ly/d = M/Vd quantifies the slope of the diagonal
compression strut through which compression forces are transferred to the support of the
member. Larger angles signify a larger contribution of the compression zone in resisting
shear. Inelastic activity is assumed to occur within an equivalent “plastic hinge length”, [,
whereas the segment of the member outside /, is assumed to behave elastically. In the
simplest form of the model, displacements are calculated from flexural curvatures assuming
the curvature distributions of Fig. 4-4 b and 4-4 ¢, which correspond to dcvelopment of

Fig. 4-4: Cantilever model used for definition of deformation indices
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yielding and post-yielding flexural strengths at the fixed support. In a bilinear envelope
approximation of the force-displacement relationship, Fig. 4-4 ¢ corresponds to development
of the ultimate flexural strength of the member.

The relevance between the cantilever model and the actual circumstances of a prismatic
reinforced concrete element subjected to strong ground motion effects is in the statics of the
two systems as depicted in Fig. 4-5 (i.e., in the force boundary conditions). Note that to the
extent that displacement boundary conditions could also matter in determining the actual
response, these may not be simulated
correctly by the stick-model (for

example, the restrained extension of

/ /_\/ member length in indeterminate frame
members as compared to the free

/\_/ / extension of thc cantilever model). The

same difference exists between the

” mmmmwmm isolated cantilever beam-column tests,
and either the stick model and/or the

actual circumstances in frame structures.
Fig. 4-5: Moment distribution of the two systems In many isolated cantilever column tests

the tip load is a “follower-force”, i.e. its

angle to the longitudinal axis of the
member decreases with drift. Thus, in terms of cross-sectional resultants the tip force can be
resolved into a pure shear and a tensile axial force that increases with the amount of drift,
thereby forcing a more prevailing demand for pullout of reinforcement from the support than
would actually occur in some practical cases.

Given these limitations of both tests and models, compounded by other uncertainties that
relate to the rate of degradation of the various resistance mechanisms with reversal of load, it
is justifiably difficult to estimate with accuracy indices of deformability. Deformation
ductilities are further obscured by lack of a unique definition of deformation at yielding;
instead, a variety of definitions have been used by individual investigators when interpreting
test results to determine yielding. For qualitative purposes the various models listed in the
literature for calculation of deformation capacities and strengths are reviewed herein.

4.3.3 Calculation of the length of plastic hinge, |,

At the centre of controversy in defining deformation capacities is the quantitative definition of
the plastic hinge length, which is rather elusive despite the mathematical convenience it
offers. The physical definition of the plastic hinge length is illustrated in Fig. 4-4 c:
considering the ultimate tlexural strength developing at the support, it is the distance from the
support over which the applied moment exceeds the yield moment. Thc established practice
has been to take /,=0.5d. Thom (1983) suggested the following expression for the plastic

hinge length:
Mmux - 2
|, =———>L +c=0dl, +c (4-1)
M ’ '

IMax

where ¢, represents a correction for the tension shift cffect which occurs due to diagonal
cracking (crack spacing) and a=(f,-fy)/[, the normalized strength increase from yield to
ultimate of tension steel (in the model of Priestley et al. (1996), the corresponding o is 0.08,
in the model of Panagiotakos and Fardis (2001), a=0.12, whereas Lehman et al. (1998) use
the general expression for o, given by eq. (4-1)). The plastic rotation Bpf developing in the
hinge due to flexure is pr = (q)“'q’!x);l/’; similarly, the plastic rotation due to pullout of
reinforcement from the support is 6,7 = 0, - 8,"""; the total plastic rotation is 8, = ;'
+6p5“p. With reference to Fig. 4-6 the corresponding terms are:

6.\'lip — Ey I'b-)‘ _]; . e.s'lip _ g.\'llp 4 (gu - ey) -fu - fy
¥ 2 ’ u Yy
z z f

Lb.u ; Lb,y =— [‘b,u = (4_2)
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where z the distancc of the tension stecl to centroid of the compression zone and f}, the
uniform bond stress along the dcvelopment length L,. Substituting the ratios €,/z and €,/z by
the yield and ultimate curvatures ¢, and ¢y, respectively, and the average bond stress at the
ultimate, fy, , as a fraction of the corresponding bond stress value at yield of reinforcement, fi, ,,
ie.: fp,=Afyy the plastic rotation due to slip and the corresponding correction to the plastic
hinge length I, may be extracted (eq. (4-3) is written for A=1/1.2; for other values of A, the
multiplier 1.2 would be replaced by 1/A):

4 L2(f, - f,
9;’19 = (g, _¢),)2_(_f£_j_ci;

g AR 12a
4 f,,_), b o 4]',,'_v ' 4(l—a')fb‘y

[, @ (4-3)

All the alternative proposals for /, have the form of eq. (4-3); differences exist in defining
the various constants, including the magnitude of the average bond stress fi,, mobilized over
the development length upon yielding of the bar and the bond strength reduction factor A:

Lehman et al. (1998):
1,=0.50L¢+1.20f,®/4f,y,  with f,,=12Vf,
(psi) = INf. (MPa), and 1/A=1.2 (without the
term (1-a) in the denominator).

Panagiotakos and Fardis (2001):

1,=0.12Ls + 0.0965f,® (ksi, in) or [,=0.12L;
+ 0.014f,® (MPa, mm), with a=0.12 (i.e.
fou=1.150g). Assuming normal strength
concrete with \/fc = 5 MPa, values for the
other parameters that could fit the above are,

Loy /\Z fy,=6Vf. (psi) = 0.5Vf; (MPa) and A=l.
Z

Priestley et al (1996):

[,=0.08L+0.15f, (ksi, in), or
Loy 1,=0.08L+0.022f,® (MPa, mm) with 0:=0.08
(ie. fau=1.1f5). Again, assuming normal
strength concrete with \/fc = 5 MPa, values
Fiv. 4-6: Calculati on d lout for the other parameters that could fit the
. 4-6: Calculation of rotation due to pullou above are: fb,y=6\jfc (psi) - 0.5\/fc (MPa) and

A=04, 1/A=2.5.

An objection to the above proposals is that they refer to an advanced state of plastification
of the member (displacement ductilities in excess of 4, beyond which the /, reportedly tends
to stabilize, Penelis and Kappos 1997). To organize the experimental scatter at lower ductility
levels Kappos (1991) suggested the relationship: I, = I, [(14,-1)/3]1/2<l,, where I, the plastic
hinge length beyond displacement ductilities of 4.

Vv Vv

434 Indices of deformation capacity of prismatic components

The deformation measures listed below refer to a bilinear envelope of the characteristic
load-deformation curve, be it computed analytically or approximately fitted to experimental
results. Note that the two characteristic points (yield and ultimate) are not defined uniquely.
Usually, ranges of values are possible, according to various alternative definitions of the
limiting conditions. However, once the yield and ultimate points are established, the
following quantities are derived for a cantilever column:

(a) the sectional curvature and curvature ductility ratio at the critical section of the
cantilever model, ¢y, Ou, Me=¢u/Py. The plastic curvature capacity, assumed to be
constant over the plastic hinge length is ¢p v=0, —0y.

(b) the tip displacement, tip plastic displacement and displacement ductility, A,,
A=Ay+A, ., Ma=AJAy.  Yield and ultimate displacements and results thereof may
include contributions of flexural curvature, shear distortion and anchorage slip:

A, =AM AT+ AP A, = A AT H A (4-4)
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(c) the total drift, estimated from the chord rotation of the cantilever by dividing the tip
displacement with the shear span L, 0,=A,/Ls, 8,=A./Ls. Being a non-dimensional
quantity, drift is a more meaningful measure of deformation capacity than
displacement.

(d) the plastic rotation capacity of the hinge, which equals approximately to the total drift

minus the elastic contributions, 0p=A/(Ls-0.51p).
Of the above selection of

4 deformability indices, no one

f confined concrete alone can assess all aspects of

<« SR member response. Each index is
fe R 0.85 e suitable for a different objective:

0.75€. 17" ] e, . ] Ma best characterizes global

E //.,‘,..linconﬁncd concrete response of the Componeﬁgt, Mo

“ could quantify local damage (Inel

; » and Aschheim 2002). Also, using

€y Eeo £ay £ several indices identifics possible

shortcomings in strengthening and
repair procedures (e.g. controlling
the displacements by adjusting the
stiffness can increase the ductility
demand, Inel and Aschheim, 2002). Calculation of the various deformation indices according
with the different models is listed in Table 4-2. In most cases, computing the yield and
ultimate curvatures is prerequisite to the application of the models. Some expressions for
estimating these variables arc given in Appendix 4 A, but the reader is cautioned that other
models may also be found in the literature that produce reliable estimates of yield and
ultimate curvatures of concrete members. To calculate the curvature at yield, ¢y, the limiting
concrete strain that corresponds to either the onset of concrete nonlinearity or tension steel

yielding (Fig. 4-7)', is divided by the corrcsponding depth of the compression zone, x,.

Ultimate curvature, ¢,, is calculated from the ultimate compressive strain that may be

supported by the compression zone (by accounting for the confinement provided by the

stirrups using a pertinent confinement model, see Appendix 4 A), divided by the

corresponding depth of the compression zone, x,.

. fv l E('.\' Et‘Jl i
¢, = min{—- ,——}, where, €.,=07%¢, | ¢, =— 4-5)
: E d-x,  x '

Evidently, in defining all thc above terms the emphasis is on flexural action. Even when
other contributions to deflection are considered (such as deflection due to slip and shear
distortion), the underlying assumption is that a robust flexural mechanism can dcvelop. A
hypothesis central to the mechanics of flexure in reinforced concrete is that deformations may
be averaged over finite distaiices, so that the notion of strain and strain measurement, which
forms the basis of it all, may bc meaningfully defincd and calculated. This averaging
procedure requires uniform distribution of reinforcement, so as to provide for adequate crack
control. This assumpticn, however, may not be necessarily valid for all old-type components.
In these cases orten failure has the appearance of localized fissures in concretc (few wide
cracks), where resistance may be due to friction and interlocking of dislocated fragments of
concrete. Lacking detailed models to reproduce this behaviour, the nonlinear continuum
mechanics models in Table 4-2 are for now the only tools available for estimating the
deformation capacity of old type components, with a possible error margin as high as 100%.

Eq. (4-6) quoted in column (3) of Table 4-2 is:

02 0425
. a. 3 max(0.0l,a)’) L, CCy 1 clO
0 =6(1-038% J1+=L|1-=a , (03| ——ZLF | |=| 25%145% (46
u ﬂot( c}c)( 17I Sunal!j( {max(OO],a)) fL } [ h] ( )

Fig. 4-7: Definition of liniiting concrete strains

s y u

"In Fig. 4-7 it is assumed that onset of concrele nonlinearity occurs at a strain equal to 75% of the strain at peak
stress, €g, (€q. 4-5). In the model of Panagiotakos and Fardis this point is taken at 90% €., to better fit test results
on ¢,. The unconfined concrete stress-strain curve is modeled by a Hognestad-type parabola, so £.,=2f/E,.
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Deforma | Stick- Lehman et al. (1998) | Panagiotakos Panagiotakos Pricstley et al.
-tion Model & Fardis & Fardis, (1996)
Index Mechanics empirical model mechanics model
(2001) (2001)

(1) (2) 3) 4) (&)
Ay gex o,L. /3 o,L /3 o,L.2/3 o,L.%/3 9,(L+0.15f,D)43
Ay shear NA VyL; /0.4E; (.0.8A, 0.0025L; NA Ay shear " +

Av.shear s (eq4“7)

Ay qip NA (9,/2)f,PL/4f, L, Ly,/2(d-d’)= | NA (was accounted
(eq. 4-4) &, f,®LJ/81, ,(d-d") for in A, fex)
fiy NA 1¥f, (MPa) 0.5V, (MPa) 0.5Vf, (MPa) 0.5Vf, (MPa)
en (¢u’¢v)lu (q)u“q’v)ln eu"(Av[Ls) (g’u'QY)lo (¢J'¢v)ln
Bu Au/Ls Au/I-‘s €q. (4'6) Au/Ls Au/I-‘s
Ay 0,(L:-0.51) | 8,(L.-0.51) A4, 6,(L,-0.51,) 0,(1.s-0.51,)
A, A+ A, A+ A, 0,-L Ayt Ay At A,
| 0.5d 0.5al+1.20f,0/4f,, | 0.12L.+0.014f,d [ 0.121..+0.014f, P | 0.08L+0.022f,P

P
NA=not applicable
Table 4-2: Analytical definition of deformation components

In eq. (4-6) 0y is a binary coefficient (0,1) to indicate if reinforcement pullout is possiblc
or not, Oy, a binary coefficient (1,0) if the member is a wall or not, v the axial load ratio
(N/Af), CC=kepssifysi/fe (i.€. it is the effective normalized confining pressure provided by
transverse reinforcement in the direction of lateral sway) and py the diagonal reinforcement
ratio in diagonally reinforced members. w, @' are the mechanical ratios of the lension and
compression longitudinal reinforcement (not including diagonal bars); for elements with
distributed reinforcement between the two flanges, the entire vertical web reinforcement is
included in the mechanical ratio of the tension steel. Coefficient acy is a binary variable (0,
1) to account for the monotonic or cyclic nature of the load, whereas By accounts for the type
of steel: 0.016 for ductile hot-rolled or heat-treated (tempcore) steel and 0.0105 for cold-
worked steel. The value calculated from eq.(4-6) represents the mean value for rotation
capacity (i.e. at 20% post-peak drop of lateral strength). The expression has been fitted to a
database of the results of about 1100 monotonic or cyclic tests of RC beams, columns or walls
up to flexure-controlled failure (excluding specimens with circular or hollow-circular
sections). For assessment, the characteristic values may be used, corresponding to a 95%
probability of exceedence by a random sample of the database (see section 4.2.2).

Since its original appearance (as in Table 4.2) the cquation for the drift at yielding has
been modified to account for the differences between the shear span L and the length of the
member, H, over which the chord rotation is measured (typically H=L;) (i.e. the term 0y =
A,/Ls = ¢yL¢/3 in Table 4-2 has been replaced by ¢yL(1-(H/3L5))/2).

Using the same database, the plastic rotation capacity, 0,=6,-6,, was obtained as follows:

3 max(00Lw) , (L,
=y (1-046a_ Y1+06a,)| 1-= 025 || ———, = €1.55'% (4.
Bp Vs,(l 0 62cyc)( + .xl)( 8awall]( )|:11'13X(OO],(U) ijI h 25C 1.55 (463)

where Yy is 0.0125 for ductile hot-rolled or for heat-treated (tempcore) steels and 0.00575 for
brittle cold-formed reinforcement.

Reportedly egs. (4-6), (4-6 a) fit the data with a median of the ratio of experimental-to-
predicted-value of 1.0 and a coefficient of variation of 47%.

Eqgs. (4-6), (4-6 a) were applied to 27 cyclic tests in the literature on flexure-controlled
specimens without seismic detailing (“old-type” components in the present terminology). For
those specimens exponent CC was taken equal to 0, as the sparse stirrups were not closed
with 135° hooks. It was found that both these equations overpredict deformation capacity by
15%. So, it has been proposed that for “old-type” components the right-hand-side of egs. (4-
6), (4-6 a) should be multipled by 0.85, in addition to taking CC=0. (See c) in 4.3.6).

The equations for the plastic hinge length were modified over the expression displayed in
Table 4-2, for cyclic and monotonic load conditions respectively to fy:MPa),
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lpey =0.08L; +0.0167agd, f, ; I, ,,, =0.181;+0.025a,d,f, (4-6 b)

p.mon

In the model of Priestley et al. (1996) the following terms are cited in Table 4-2 as eq. (4-

7):
AV, +Vy) V. . V.s V, = o
concr - [ . L n : {ru).x.\ - 5 . [‘ _n : V —_ 35 08 A ‘ S
shear 0~4Esec0-8Ac 'S Vy shear E,\- AS, (d—d’) 'S Vy c fc( c) fc mpsi
N(d- M '
Vy = (2 3 Y ;Y =—Zy~ 0 Vo=V, ~(V.+Vy )20 (otherwise 4, =0) 4-7

&) £

Note that eq. (4-7) is derived from the assumption that, upon cracking of the concrete web
due to diagonal tension, shear strength is represented by a Morsch-type truss. As in the case of
shear force resistance, the total shear displacement comprises contributions that result, (a)
from shortening of the diagonal concrete compressive struts and (b) the elongation of the
tension ties of the truss mechanism (Park and Paulay 1975, Thom 1983). These are calculated
for each panel of the

P | f ' assumed truss model,
4 o I :
W P i . dd’ and accumulate towards
# 3 #‘"‘)’M #yf the tip of the cantilever
L. i

# ,

rd dﬁ" (Fig. 4-8). The 04Eg.
factor in eq. (4-7)
represents the  shear
modulus G, of
uncracked concrete
(Ge=Esec/2(14+V) =
~ . 0.4E,..) where the
$ 8= 8e\2 Poisson’s ratio, v, of
- concrete is taken as 0.25,
Park and Paulay (1975).
Ashear=Oshear L/d  The term 0.8A;
represents the effective
. shear-area of  the
........... : member, to account for
........... Iﬁs.wu; S + &, the nonuniform
e = distribution of  shear
stresses on the cross
Fig. 4-8: Definition of the shear distortion terms (Purk and Paulay section, as prescribed by
(1975), Thom (1983)) the Theory of Elasticity
for shear. This approach
has also been adopted by Lehman et al. (1998) (Table 4-2), in calculating the elastic
component of shear distortion as well as in the FEMA 273 (1997) guidelines (Chapter 6 of
that document). The second term in eq. (4-7), i.€., Ashear  represents the cumulative shear
distortion resulting from the elongation of stirrups, Park and Paulay (1975), Thom (1983).
Note that the above expressions are meaningful so long as the ratio Vi¢/V, < 1 (shear taken by
the stirrups, Vj, is less than the stirrup contribution to the shear strength, V,, - otherwise, the
stirrups have yielded and hencc shear failure has prevailed in the member). The Priestley et al.
(1996) method departs from that of its predecessors (Park and Paulay (1975) and Thom
(1983)) in that it includes a separate contribution to distortion due to axial compression.
Distortion results from shortening of the end-to-end inclined compression strut, which is
formed by the axial compressive load N of the member (the strut extends from the point of
application of axial compression to the centroid of the compression zone at the critical

section, Priestley at al. (1996).

d, = total stirrup
elongation

= sl(d_d’)/ES

= Vs/EAq (eq. 4-7)

4.3.5 Parametric investigations of analytical expressions for deformation capacity

Inel and Aschheim (2002) conducted parametric investigations nsing the available models
so as to study the analytical trends. The reference element was a cantilever column with a 600
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mm square cross section, an aspect ratio of 4, loaded at the tip with a concentrated lateral load
and a concentric axial force. Variables considered were the cross-section size (ranging from
300 mm to 1200 mm), the aspect ratio (ranging from 2 to 10), the amount of transverse
reinforcement (as per the ATC-32 requirement, or 1/10 of that amount) and the normalized
axial load v (10% and 50% of Af;, where f.=28 MPa and fy= 420 MPa). Longitudinal
reinforcement ratio was 1.5% for all cases considered.

It was found that displacement ductility, plastic hinge rotation and ultimate drift capacities
were insensitive to cross section size under constant aspect ratio (i.e. models are size-
independent). All indices of deformation capacity (with the marked exception of the plastic
hinge rotation capacity as estimated by the simple model 1,=0.5d), depend on aspect ratio, but
different models can yield vastly different values of inelastic deformation measures. Aspcct
ratio had a particular influence on elastic contributions to peak displacement capacity and this
could lead to a parametric dependency of ductility and drift on aspect ratio, particularly for
lightly confined sections.

All models estimate a strong dependency of deformation indices on axial load ratio when
confinement is poor, with a marked reduction of deformability as axial load ratio increases. In
the presence of significant confinement, the estimated deformability is generally high and
relatively insensitive to the axial load ratio. However, the discrepancy between the various
models increases with increasing axial load ratio - the largest differences are observed in the
inelastic component of total deformation capacity (plastic hinge rotation and drift capacity)
and for high aspect ratios. The reverse result concerns the displacement ductility capacity
(largest diffcrences are observed for low aspect ratios).

From the analytical investigation it was concluded that, in general, the simple model
1,=0.5d tends to provide a lower bound estimate of plastic hinge rotation and drift for well-
confined elements. The model of Lehman et al (1999) was found sensitive to the level of
confinement and, for poor confinement, it was more conservative than the other models,
particularly in the case of low axial load. This trend was reversed for well-confined members
with a high axial load ratio, with the deformation capacity estimates of this model exceeding
all others. Inel and Aschheim (2002) suggest this behaviour is due to the explicit dependency
of plastic hinge length on axial load ratio. (Note this is the only model to relate [, to v=N/Af.,
but the expression has been correlated only with tests conducted with axial load ratio ranging
between 0% and 10%).

Displacement ductility estimates of the semi-empirical model by Panagiotakos and IFardis
(2001) are higher than those of other models for poorly confined elements. Furthermore,
results seem almost independent of aspect ratio, which is not quite in line with benchmark
behaviour tests. It is suggested that this is due to a combination of low ultimate displacement
capacity (I, is small for low aspect ratios) and larger than usual estimates of the yield
displaccment.

4.3.6 Experimental data set

Experimental databases assembled from tests published in International Literature were
also considered for evaluation of the model performance. Three such investigations are
highlighted (Inel and Aschheim (2002), Syntzirma and Pantazopoulou (2002) and
Panagiotakos and Fardis (2002)). Each database was assembled independently, using different
criteria for including or excluding the various specimens. Of those, the database of
Panagiotakos and Fardis (2002) has evolved from a large database that had been used
previously in calibrating the empirical expressions of Panagiotakos and Fardis (2001) for
yield and ultimate drift. A particular feature of the current state of the database is the inclusion
of a new subset of specimens with old-typc detailing.

(a) The Database Study of Inel and Aschheim (2002):

The experimental data considered here was obtained from large-scale tests of rectangular
reinforced concrete columns subjected to quasi-static reversed cyclic lateral loading, with
axial load ratios of varied intensities held constant throughout the tests. Criteria used were: (1)
rectangular cross section with a minimum section size of 300 mm; (2) at least 8 longitudinal
bars, each laterally supported by transverse reinforcement; and (3) aspect ratio L/d >2.5. A
total of 29 tests conformed with these criteria, with aspect ratios ranging betweecn 2.86 and
4.83, N/Af. ranging between 0.1 and 0.77 (held constant throughout thc test), f. bctween 22
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and 47 MPa, longitudinal reinforcement ratio 1.5%<0.<3.3% with 430sf,<510 MPa, and a
variety of transverse reinforcement arrangements.
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I Fig. 4-9 b: Ratio of estimated to apparent plastic rotation capacities versus confinement of
the retained specimens expressed as a percentage of the ATC-32 confinement requirement
[From Inel and Aschheim 2002]

Experimental data was evaluated by identifying an envelope of the moment at the base of
Experimental data was evaluated by identifying an envelope of the moment at the basc of
column that includes the applied lateral force and the contribution of the applied axial load.
Specimens considered in the database had sufficient transverse reinforcement both within and
outside the potential plastic hinge regions, so as to carry the maximum experimental shear
developed during the tests. Thus, the inelastic deformation capacity of the specimens was
expected to be limited by mechanisms associated with flexural deformation rather than shear
strength decay. Shear strength capacities within and outside the potential plastic hinge regions
of cach specimen were calculated according to ATC-32 and the minimum value was taken as
the calculated shear strength of each specimen. The shear demand was obtained from the
experimental reports as V,= Mpax/Ls, where Mpm,, is the maximum moment (including P-A
contributions) developed during the test.

Calculated yield displacements showed large scatter compared to the experimental values,
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regardless of axial load magnitude and for all models. Results of the models by Lehman et al.
(1998) and by Priestley et al. (1996) were similar and generally yielded lower estimates than
the model by Panagiotakos and Fardis (2001), particularly in the case of small aspect ratios
(due to the constant shear contribution term of the latter model).

The influence of axial load ratio on plastic rotation capacity was not clear in the presence
of sufficient confinement (satisfying ATC-32 requirements). Actually, even columns with
high axial load ratio could provide at least moderate deformation capacities when properly
confined. Based on the experimental cvidence, specimens with ATC-32 compliant transverse
reinforcement achieved displacement ductility factors in excess of 6, plastic rotation
capacities in excess of 0.04 rad, and drift capacities more than 4.5%.

Comparison between calculated and measured deformation capacities suggests that the
analytical models can produce unconservative estimates of deformation capacity (Figurcs 4-9
a and 4-9 b) and generally tend to amplify the influence of transverse steel on deformation
capacities (Fig. 4-9 b).

(b) The Database Study of Syntzirma and Pantazopoulou (2002):

A total of 500 tests on R.C. prismatic members were assembled into a database. Tests
considered were conducted under combined reversed cyclic flexure/shear and axial load.
Beams and columns with either symmetric or unsymmetric reinforcement arrangements were
included. Reported failure patterns of the tests range from compression crushing to shear
sliding. Since large shear demands may change the design of shear reinforcement from that
required for normal stresses, whereas large shear distortions may drastically influcnce the
buckling pattern of the reinforcement, non-shear-critical cases were distinguished in the
analysis of the data, comparing the ultimate shear strength that the member attained during
testing with the shear strength calculated according to the ACI Code (limit for a test to be
considered as non critical in shear was: the applied maximum shear V<60%YV,). Experimental
values for the deformation indices, such as yield and ultimate displacement or curvature were
extracted from the published experimental envelopes unless otherwise specified by the
respective investigators. Yiclding was defined as the point marking a sharp change in the
elastic stiffness, whereas ultimate deformation capacity was taken at a residual post-peak
strength equal to 80% of the peak value. The geometry of the test specimens in the database,
the amount and layout of the reinforcement, the concrete strength, the type of steel and the
axial load, cover a very broad range (Table 4-3). In constructing the specimens a variety of
volumetric ratios of confining reinforcement with different confining patterns were used (note
that most of these tcsts would not classify as “old-type”). Transverse reinforcement was
mainly grade 40 and grade 60 steel, and in many cases it did not exhibit a yield plateau. This
is a weakness of the data set. In actual circumstances, transverse steel may exhibit a large
post-yield strain range prior to strain hardening, that generally promotes core expansion and
the subsequent deterioration of resistance at a much faster rate than hardening confining steel.
To enable meaningful comparisons between different specimens, the confining effectiveness
k, of the various schemes was evaluated as described by Mander et al. (1988a) for rectangular

sections.
v=N/Af, -0.18 t0 0.86 ®, (mm) 9.51t031.75
s/d, 1.58to0 15 fy (MPa) 275 t0 932
Pser 0.3% to 5.9% fyst (MPa) 236 to 2050
s(mm) 22.7 to no stirrups f. (MPa) 14.3 to 130
Pe 0.8% to 6.0% ke 2.4% to 82.0%

Table 4- 3: Ranges of database parameters in Syntzirma and Pantazopoulou (2002)

Database values were compared against model cstimates in Figs. 4-10 a,4-10b and 4-10 ¢
(yield curvature, yield displacement and ultimate curvature, respectively). Calculated values
are plotted on the y-axis, whereas measured values are on the x-axis. The numbers on the
individual figure legends refer to the model used (columns in Table 4-2). The “a” and “b”
designations imply that in calculating the respective A, values, either measured or calculated
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yield curvatures had been used. The diagonal line represents the equal value case. Evidently,
there is large scatter, confirming that in 50% of the cases most models produce
unconservative results. Calculated yield curvature was under-estimated for a large number of
tests. Apart from an apparent lack of correlation between analysis and experiment, this might
imply that local curvature measurements are significantly affected by local slip and shear
strain in the critical regions and should not necessarily be taken to reflect the actual state of

deformation.
6,0E-05 1 6,0E-05 4
9, (1) 9, (3,4)
4,0E-05 - 4.0E-05 A
2.0E-05 20805 . X
S : L
iz5/ s/
B .
Mecasured ¢,
0.0E+00 : .  00E+00 - . ,
00E+00  20E-05 40E-05  G6.0E-0S 00E+00  20E-05 40E-05  6OE-0S

Fig. 4-10 a: Calculated vs. measured yield curvatures

From Fig. 4-10 b it is evident that the yield displacement calculated by the classical simple
model (referred to as Model (1) in Table 4-2) underestimates the displaccment when
combined with a calculated value of yield curvature, but reproduces the mean when used with
the experimental value of ¢,. This performance appears the best of all estimates when using
experimental values of ¢y. Models (2) to (4) calculate reliable mean values for the yield
displacement based on database results, however the scatter is as high as 100%. In terms of
the ultimate curvature estimates (Fig. 4-10 c), the mean is reproduced by the classical model,
although the scatter is still significant. All other models appear to significantly underestimate
the mean, however, without effectively reducing the scatter over the simplistic approach.
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Fig. 4-10 b: VYield displacement according to the proposed models (Table 4-2). The “a” and "'b" in the figure
legends signify experimental and calculated values for the ¢,
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Fig. 4-10c: Ultimate curvature according to the proposed models. Note that the
measured ultimate displacement has been used.

Quantity data | mean | median va%%if(‘)f%
Ou exp/Ou,calc.eq.4-62) “NEW” members monotonic 69 | 1.055 0.98 50.5
Ou.exp/Ou, calc.eqa-60) “NEW’ members cyclic 786 | 1.04 1.00 42.5
Bu.exp/Ou, calc.eq.(4-62) ‘0ld” members monotonic 201 1.19 1.06 56.5
Oy exn/Ou. calc.eaa-6) 0ld” members cyclic 27 0.81 0.85 42
Ouexp/Ou, calc eq.(4-6b) “NEW’ members monotonic 69 1.03 0.945 51
Ou.exp/Ou, calc.eq.4-6b) “NEW” members cyclic 786 | 1.04 1.00 43
O4exp/Ou, calc.cq.4-6v) “0ld” members monotonic 201 1.21 1.055 55.5
Ou.exp/Ou. calc.eq.(a-6by 0ld” members cyclic 27 0.84 0.85 41
Ou.exp/Ou, calc.eq.(4-6¢c, model 4) “NEW” members monotonic | 69 1.26 1.11 59
Oy exp/Ou, calc.eq (4-6¢, model 4y “NEW” members cyclic 786 | 1.21 1.00 77
Ou,exp/Ou, calc.eq.4-6¢. model 4y 01d” members monotonic 201 1.34 0.96 100
Oy.exp/Ou. calc.eq. 4-6c. model 4) - 0ld” members cyclic 27 1.68 1.72 43
Ou.exp/Ou, cale.eq.(4-6c, modet 4y “NEW” members monotonic | 69 1.24 1.19 61
Ou.exp/Ou. calc.eq.(4-6c. model 4y “NEW” members cyclic 786 | 1.23 1.02 73
Bu,exp/Ou, calc.eq.(4-6c, modet 4y “‘01d” members monotonic 201 1.35 0.94 102
Ou.exp/Ou_calc.cq.(4-6¢_model 4) ““01d” members cyclic 27 1.80 2.00 43

Table 4-4: Mean, median and coefficient of variation of ratio of experimental-to-predicted quantities at
ultimate deformation for flexure-controlled members with (“new”) or without (“old”) seismic

detailing

(c) The Database Study of Panagiotakos and Fardis (2002).

The cmpirical or semi-empirical expressions proposed by the authors for 0, (egs. 4-6, 4-6
a, 4-6 b) were fitted to a large database of tests that covers a very wide range of values for the
important design and response parameters. (For earthquake resistance and deformation
capacity, these are: stirrup spacing and confining reinforcement ratio, axial load ratio,
compression-to-tension reinforcement ratio, diagonal reinforcement ratio, shear span ratio,
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etc.). The motivating premise was that earthquake-resistant detailing or lack thereof would be
reflected naturally and smoothly by the expressions fitted to such a broad database. To check
whether this is indeed the case, a total of 201 monotonic test specimens were identified from
the database as not intended for use in earthquake resistant construction. Most of these
specimens derive from relatively old studies of the deformation capacity of flexural members
for the purposes of moment redistribution under nonseismic loads. Examples are the studies
by Bigaj and Walraven (1993), Bosco and Debernardi (1993), Burns and Siess (1962), Calvi
et al (1993), Corley (1966), Ernst (1957), Mattock (1964), McCollister (1954), Ruiz and
Winter (1969), Yamashiro and Siess (1962), etc. An additional 27 cyclic tests to flexure-
controlled failure were drawn from recent investigations of deformation capacity of old-type
RC members under cyclic loading (e.g. Abo-Shadi et al (2000), Aycardi et al (1994), etc.), or
studies of the cyclic behaviour of such members before or after seismic retrofitting (e.g.
Gomes and Appleton (1998), Fukuyama et al (1999), Furukawa et al (1996), Masuo (1999),
Bousias et al (2002), Rodriguez and Park (1994), etc.). Note that this latter group of poorly-
detailed specimens had not been included in the reference database of tests that had been used
by Panagiotakos and Fardis (2002) for calibration of the analytical expressions for 0, and 0,.
For these specimens the confinement effectiveness factor k. in eq. (4-6 b) was set equal to
zero, to reflect lack of proper stirrup-anchorage details.
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Fig. 4-11: Comparison of predictions of empirical expressions, Egs. (4-6), (4-6 a) with results on specimens
without seismic detailing (“old”).

Calculated results of the empirical and the semi-empirical models of Panagiotakos and

Fardis (2002) were compared with the experimental data separately for the monotonic and the
cyclic tests, and separately for old-type and seismically-detailed members.
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As shown in Table 4-4, most of the specimens identified as having seismic detailing
(termed “new”) had been subjected to cyclic loading, whereas practically all non-seismically
detailed specimens (termed “old”) were tested monotonically. The empirical expressions, egs.
(4-6) and (4-6 a), overestimate the deformation capacity by about 15% in the few cyclic tests
of non-seismically detailed members. Differences in model performance between old-type
and new-type specimens are reflected in the statistics of the ratio of experimental to calculated
values of 0, listed in Table 4-4. Figures 4-11 and 4-12 compare the experimental data with the
analytical estimates of the so-called empirical model (Model (3) in Table 4-2), as modified for
“old” type components (egs. (4-6 a) and (4-6 b)). The more fundamental semi-empirical
alternative (Model (4) in Table 4-2 combined with eq. (4-6 c)) was also considered. Results
were biased for the few cyclic tests on “old” members. The bias was much larger and in the
opposite dircction relative to that of the empirical model, with increased scatter.

It was concluded therefore that certain features of old-type members are not reflected
through the mechanical and geometric design parameters that were selectcd to control either
the underlying regression analyscs, or the basic mechanics expressions. Clearly, these
unidentified variables significantly influence the ultimate deformation capacity of old-type
elements under cyclic loading. The present data may not be enough for the quantification of
these effects. This is an issue requiring further work.
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Fig. 4-12:  Comparison of predictions of semi-empirical expressions (Model 4 in Table 4-2) combined with egs.
(4-6 b) for the length of plastic hinge, with results on specimens without seismic detailing (“old”).
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4.4 Capacity-based prioritizing of strengths — localization of inelastic
deformations

44.1 Introduction

In a deformation-based framework of assessment, a member is assumed to undergo a
relative displacement of the end supports, consistent with the statics of Fig. 4-5. But the exact
pattern of dependable deformations is not simply a matter of cross-sectional properties as Fig.
4-4 (b) and 4-4 (c) would imply. Whereas a moment-curvature analysis could suggest a
sufficiently ductile behaviour up to a compressive strain level of 0.005 (this limit usually
marks the onset of cover spalling near the critical section), for an effectively unconfined,
lightly reinforced cross-section, the actual amount of displacement will be limited by other
mechanisms of failure likely to prevail prior to development of full inelastic flexural action.
(Note that typical conditions in unconfined reinforced concrete members include, spacing of
hoops or stirrups in the critical region at s>d/2 or s=16dy;, with stirrup ends not properly
anchored back into the core, whereas restraint against bar buckling by tying the bar at a tie
corner is seldom available for intermediate bars). In the absence of closely spaced stirrups
alternative failure mechanisms could be: diagonal tension failure of the web, buckling of
compression reinforcement, disintegration of the compressive struts due to reversal of load
and limited anchorage or lap-splice capacity of primary reinforcement.

The sequence in which these mechanisms will occur uniquely defines the deformation
response of the member; therefore, the problem of assessing deformation capacity is rather
complex and cannot casily be treated by closed form expressions. By prioritizing the
dependable capacities of the alternative mechanisms of member behaviour, it is possible to
determine the weak link of the member (e.g. a lap-splice failure). Once the strength of the
weakest link is overcome, then that mechanism of behaviour becomes the fuse of the member
response. Upon increase of the imposed end displacement, deformation is expected to localize
in that fuse and hence, beyond that stage, all other forms of nonlinear behaviour are irrelevant.

Considering that localized deformations of any kind other than flexural (including pullout)
may prove fatal for member integrity, it is natural to associate A, and the corresponding value
of ¢y, that are used in the expressions of Table 4-2, to the onset of localization. The limiting
strength V), jim is obtained from the requirement,

V“‘lim =min {Vﬂex ’ VIaP ’ Vshear ’ Vbur.‘kl } (4 - 8)

where, Vge,: shear force required to develop the flexural capacity at the support: Vpe,=Mu/Ls
Vigp: shear force that may be sustained when the anchorage of reinforcement or lap
splice reaches its capacity: Vi,=Miy/Ls, My, being the moment sustained at the
support at that instant.
Vihear: Web shear strength
Viueki: Shear force sustained when compression reinforcement buckles at the critical
section.

The terms of eq. (4-8) may be derived from first principles. One such approach is detailed
in the following.

4.4.2 Calculation of flexural strength

The ideal flexural strength is meaningful only if it may be safely assumed that it is
supported by all other mechanisms of behaviour (i.e., if Vaex< {Vshears Viaps Vbueki}). The
bending moment sustained when the flexural reinforcement reaches yield for the first time is
Mym and in a monotonic loading history the ultimate flexural resistance is M,". Both Mym
and M,™ may be calculated from standard theory. Panagiotakos and Fardis (2001) have
proposed analytical expressions for calculatin% M," (given in A‘Ppendix 4 A) and M,". The
corresponding values of Ve, are, Vaexy = My /Ls, Vaexu” = M, /L.

The reduced flexural yield strength that may be sustained after cyclic reversal of load,
ought to consider that the compression steel has yielded in tension in the preceding cycle
(Thom 1983). At this point cracks will be still open in the compression zone; hence all the
compressive force will be resisted by compression reinforcement. Only if this reinforcement
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yields in compression may the cracks close so that thc concrete may contribute to
compressxon resistance. For equal areas of top and bottom reinforcement the cyclic yield
moment, M, is My =Aqfy(d-da) (l‘hom 1983). For the same case, the ultimate cyclic moment
theoretlcally 1s Agifys(d-dy), but in the absence of confinement the maximum compressive
strain, Ecu, is ot expected to excecd 0.005 (the cover spalling strain); it is therefore best to
take M,°=M,°. For unequal areas of compression and tension reinforcement, M, “=Asfy(d-dy)
and M, —Aszfus(d dr)+(Ag1-A)fusz  (the last term to be included if confinement is
available).The corresponding values of Ve are: Viexy = My ILs, Viiexu'= Myl

443 Calculation of shear strength

Based on recent tests it has become evident that shear strength of reinforced concrete
degrades faster with cyclic load, for higher ratios of shear demand to shear supply. Wood and
Sittipunt (1990) proposed a limit of 60% as a cutoff point in identifying shear failures from
other types of failures when processing the experimental literature on walls. Thus, according
to this proposal, a shear failure is likely to occur when 0.6Vpear< Viex, even if the nominal
check prescnbed by the code holds, namely that Vaex<Vsnear. The reason why the traditional

“capacity check” is not sufficient to preclude a shear failure is because the mechanisms of
shear resistance in reinforced concrete break down with damage accumulation, as they depend
either directly or indirectly on the ability of concrete to carry tension.

A variety of models have been proposed for the shear strength of reinforced concrete as a
function of deformation (Ma et al. 2000, Priestley et al. 1996, Lehman et al. 1998, Martin-
Perez and Pantazopoulou 1998, FEMA-273 1997, Moehlc et al. 1999, 2001, Kowalsky and
Priestley, 2000)). A working hypothesis for all models is that the shear strength of cracked
reinforced concrete comprises a primary contribution, V,, of web reinforcement (the tension
ties of the Ritter-Morsch truss analogy) and sccondary contributions, V. These are attributed
to other mechanisms of resistance that are mobilized through diagonal tension of the concrete
web, i.e., the dowel action of longitudinal reinforcement spanning across cracks, the frictional
interlock between cracked interfaces and reinforcement to concrete bond (tension-stiffening)
along the bar between successive cracks. A point of difference between the various models is
whether the contribution of axial compression to shear resistance (which is believed to delay
opening and affect inclination of cracks) should be accounted for under V., or whether it
should be added separately to highlight its significance as a distinct mechanism of resistance.
The latter approach is adopted in the models developed at UC San Diego for circular columns
by Priestley and his co-workers (e.g. Priestley et al. 1996, Kowalsky and Priestley, 2000). The
most recent version of these models is that presented by Kowalsky and Priestley (2000) as
“Revised UCSD model” (units: MN, m):

Vipear = £ k(1) mlr{l 5, mm{l 3——))m1r{1 0.5+20p,, K0.84, )+N— +V, (4-9a)

In eq. (4-9a) p is the total ratio of longitudinal steel, A; is taken equal to nD%4 (D=
diameter of gross section), h is the depth of the cross-section (equal to the diameter D in
circular sections), N the axial load (positive for compression), x the depth of the compression
zone and L the shear span. k(u,) is a coefficient equal to:

1.07-0.1

0.05% k(l) S0.28, k() ==k (4.9)

For rectangular sections Eq. (4-9a) has been applied with term 0.8A, replaced by b,.d.

The contribution of transverse steel, V,, is taken as:

. . A
v, =p,b,7f,, cot8 inrectangular sections, V, = 5 * f,.(D—c—x)cot® in circular
S

(4-9¢)
with Ay denoting the cross-sectional arca of a circular hoop, s its spacing and c its concrete
cover, Py the ratio of transverse steel in members with rectangular section and z=d-d’=0.9d
their internal lever arm. The inclination of compression struts 0 is taken equal to 30° in the
revised UCSD model.

Kowalsky and Priestley (2000) developed egs. (4-9) on the basis of 18 circular columns
that failed in shear after yielding in flexure. They compared also its predictions to the strength
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of 20 columns failing in shear from the beginning and of nine failing in flexure.

Syntzirma and Pantazopoulou (2001) tested the available shear strength model estimations
against a large database of experimental results on prismatic R.C. members under reversed
cyclic load. It was concluded trom this study that no model could systematically reduce
scatter between analytical and
experimental values. However,
: one model that appeared to be
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Fig. 4-13: Variation of reduction coefficient k as a function of ductility demand. Through k,

displacement ductility demand which operates on both the V.

and V. terms, it is recogmzed
that the truss component V,, is also affected by damage accumulation due to the tension-
softening of the compressive struts that support the truss function (Vecchio and Collins 1986,
Martin-Perez and Pantazopoulou 2001):

Vi =k 4V Vo= AL SV, =05YF| 4 4, (MPa) (4-10a)
s osJ_
0.7 <k(u,) <10, k(u,)=1.15-0.0754, (4-100)

The V. term is the product of the principal tensile stress at diagonal cracking by the gross
section area. The tensile strength of concrete is taken as 0.5Vf, (MPa) (6\/fc in psi). Fig. 4-13
plots the proposed variation of k with displacement ductility demand; the reduced shear
strength value is 70% of the initial value at a displacement ductility of 6.

This empirical model is consistent with theorctical investigations based on the diagonal
compression field theory, which have shown that at a ductility of shear distortions in the order
of 2 (yielding of shcar reinforcement occurring in a range of shear distortion of 0.004-0.006),
the total shear resistance is reduced to 75% of the initial value. Further reduction up to 30%
of the peak value was estimated at a ductility of shcar distortions of 3 or more (Tastani and
Pantazopoulou 2001). (Note that ductility of shear distortions concerns the ratio of peak to
yield shear strain in the plastic hinge region, y,/yy; therefore the total displacement ductility is
much higher than these reference values).

Three aspects of shear behaviour of reinforced concrete are particularly relevant to old-
type construction and need be highlighted:

(a) The truss action can only be counted for if ties are spaced close enough to secure that
any diagonal crack (taken for simplicity at an angle of 45° to the longitudinal axis of
the member) is crossed by at least one stirrup layer. Open or inadequately anchored
stirrups may not be able to develop their full yield strength, if the critical section where

Z

Lb.u I
dd’ | |

‘ critical section of tie
crack plane

Figure 4-14: Calculation of the tie capc.city based on tie anchorage conditions
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they cross the crack is very near to their anchorage (Fig. 4-14). In such cases, the V,
term in eq. (4-10a) ought to be computed for a stirrup stress equal to the value that the
tie anchorage can support and not the ideal yicld value fyy as implied by eq. (4-9a).
Thus, fa=fyLya/0.7Ly, where L,, the available anchorage length of the tic measured
from the point where it is intercepted by the crack to the end hook and L, the standard
straight anchorage length for the bar diameter of the ties considered (Fig. 4-14).

(b) It can be shown that shear distortion imposes a tensile strain on all reinforcements, the
magnitude of which may be estimated from equilibrium and compatibility. If the axial
stress force is low or negligible, the net stress in all longitudinal reinforcement may be
tensile, particularly for low aspect ratios - high shear demands (Tastani and
Pantazopoulou 2001). Based on the 45° truss model, the tensile strain increments
resulting from shear action in the longitudinal and transverse directions may be taken
approximately as:

0.5V, 0.5V,
8 v = :' 8\‘ll’ = -
“"EA° " EA

§°ostr

(4-11)

where V; the shear force that is actually resisted by the stirrups (eq. 4-7). Indeed,
considering these strain values as additive to the flexural strains, it is concluded that,
unless the compression strains caused by flexurc or axial load in the compression zone
are very high, the compression reinforcement may carry a net tensile strain upon load
reversal (i.e., a full reversal of load will not produce symmetric strains in tension and
compression). This means that compression reinforcement is principally susceptible to
sideways buckling as described in section 4.3.5. A simple assumption is that upon load
reversal, if the normalized axial load is less than (pgs1-ps2)fy/fe, it should be assumed
that the cracks remain open and therefore the V. term should be taken zero. Hence, a
modified version of eq. (4-10a) for calculating the V. term in eq. (4-10) is as follows:

. N f - | d N
if 2P, P, V. =05f, | — [l4——=—— |- A, (MPa)(4~10c)
A, PaTPe)g v \[ 0.5f - A

¥

otherwise, V. =0 (4-104d)

Iy

(c) Moehle et al. (2001) investigated the gravity load carrying capacity of damaged
columns using a shear friction model. A motivating observation was that drift at
column failure appears to be inversely related to the magnitudc of axial load. With
reference to Fig. 4-15, they derived from equilibrium considerations the following
relationship between residual axial load capacity and stirrup forces:

— 1+u, tana
Nres = Asl f.\‘t d dZ tan a[_u-i—

] , where p, = 2(]—L) (4-12)
tana—W,

0.08

The angle a is the inclination of the critical crack plane to the horizontal (depending on
the axial load it varies between 50° and 70°). The model is supported by relevant
cxperimental evidence and is based on the formation of a sliding plane where frictional
resistance develops. The column is supposed to have lost most of its lateral load
resistance, thus the external force V shown in the figure is taken equal to zero. The
coefficient of friction Uy was related to the maximum lateral drift, 8, experienced by
the column during lateral sway as prescribed by eq. (4-12); its range is between 2 and
0 (for 8% drift). For 2% drift, usis 1.5, for 4% W is 1. Corollary to this finding is that,
if Vhear (from eq. (4-10)) controls the check prescribed by eq. (4-8), then the structure
may be assumed to have reached a state of imminent collapse (since the stirrups will
have reached their capacity according to eq. (4-10)). The relative magnitude of the
tributary gravity load of each column, as compared to the N value given by eq. (4-
12), determines whether the collapse also involves loss of gravity load carrying
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capacity. Note that eq. (4-12) is very sensitive
to the value of a, yielding vastly different
results for large changes in the angle. A lower
bound stable solution is obtained for the entire

Sliding Plane

/

\ 0

range of values for Yy, when a is taken
between 65 © and 70°.

Evaluation of Shear Resistance Using the Extended

Panagiotakos and Fardis Database

The Panagiotakos and Fardis database of
available cyclic test results was extended by Biskinis,
et al (2003) with specimens failing in shear after
yielding in flexure, with the aim of contributing to
the effort of shear-strength assessment along the
lines of previous work. The end result was a database

of 154 cyclic tests considered to lead to shear-
controlled failure after initial flexural yielding. The
database includes 41 tests on columns with circular
section and 113 tests with square or rectangular one.
One specimen with circular section and 23 with
rectangular are deemed representative of specimens
without seismic detailing (“old” type of columns).

N

: ;
Fig. 4-15: Definition of frictional resistance
along a sliding plane (from Moehle et al. 2001)
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Fig. 4-16: Comparison of estimates of eq. (4-13) with experimental data

The 154 tests are included in the database on the basis of the following criteria:
the observed failure mode — (shear or shear/flexure, after initial rflexural yielding);
an experimental yield moment which is not significantly less than the value estimated
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on the basis of first principles (to avoid tests in which yielding is controlled by shear);

. an experimental ultimate chord rotation not significantly exceeding the value
calculated from the empirical equations for flexure-controlled members — egs. (4-6 a),
(4-6 b); and

. the estimates of previous models, namely those by Kowalsky and Priestley (2000) and

Moehle et al (2001) for shear resistance as a function of the experimental value of Wa,
as compared to the experimental yield force.
The outcome is two expressions for Ve, in terms of ua; the first following the format of
Kowalsky and Priestley (2000) and the other one that of Moehle et al (2001).
The first expression is (units: MN, m):

Vi =h2_;x min(N, 0554, £.)+0.16max( 0, 1-0.08mirf5. ')} max.5, loq)m,)(l —0.16mi1{5,%})‘/}7€/{€ +V,

(4-13)

In eq. (4-13) V,, is taken according to eq. (4-9b) with the inclination of compression struts

8 equal to 45° (as in the classical Ritter-Morsch truss) and with (D-c-x) replaced by D for

circular columns. " is the ratio of the plastic component of chord rotation at failure (total

chord rotation minus value at yield) to the yield chord rotation 6, calculated as per Table 4-2

(Model (3)), or from a similar expression for columns of circular section — with the 2" term
(shear distortion at yielding) replaced by 0.001.
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Fig. 4-17: Comparison of estimates of eq. (4-14) with experimental data
The reason for using the calculated value of 0, as a normalising factor instead of the
experimental one is two-fold: a) in practical applications thc exact value of 6, is not known a-

priori and has to be predicted by some means; and b) to prevent parasitic experimental effects
from affecting the result; this is the case with the flexibility of the base of the 24 cantilever
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specimens by Ang et al (1985), which may have artificially increased the pre-yield tip
deflection but is believed to have affected very little post-yield deformations of the specimen.

Eq. (4-13) fits the data with a mean and median of the ratio of experimental to calculated
values equal to 1.0 and a coefficient of variation of 15.3%. The median is also equal to 1.0 for
the subsets of columns with circular or rectangular section, and for those with new or old-type
detailing. It should be noted that in the 11 specimens by Sezen (2000) and Lynn et al (1996)
the contribution of stirrups was reduced by half due to the 90° hooks of stirrups.

Fig. 4-16 compares the estimates of eq. (4-13) with the test results and shows the ratio of
cxperimental to calculated shear as a function of pa=pa"'+1.
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Fig. 4-18: Comparison of the model by Kowalsky and Priestley (2000), eq. (4-9a, b), with experimental data.

The second alternative is, following the format of Mochle ct al (2001):

Viear = h—z_-E min(N, 0.55A f.)+0.1 6max( 0, 1-0.055 min{S, e ){max@.S, 10(1),(,,)[1 -0. 16mir(5, —%D\EA( + Vw]
. 1

(4-14)
Eq. (4-14) fits the data with a mean and median of the ratio of experimental to predicted
values of 1.0 and a coefficient of variation of 14% (lower than that achieved with eq. (4-13)).
Again, thc median is equal to 1.0 also for the subsets of columns with circular or rectangular
section, and for those with new or old-type detailing (again with the contribution of stirrups
with 90° hooks halved). Fig. 4-17 compares the predictions of eq. (4-14) with the test results
and shows the ratio of experimental to predicted shear as a function of uA=uAp‘+l.
If the experimental value of p,A‘" 1s used in cgs. (4-13), (4-14) (i.e. with the experimental
yield chord rotation as normalizing factor, in the same way as eqs. (4-9) and (4-10) were
developed and proposed), then average agreement with tests remains good, while the
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coefficient of variation of the ratio of experimental to predicted values decreases to 14.8% and
13.4% respectively (for eq. (4-13) though, the median of the ratio is 0.98; if factor 0.16 in the
2" term of eq. (4-13) is replaced by 0.155, a median of 1.0 and a coefficient of variation of
15% are achieved).

The same 154 tests were used to evaluate previous proposals, namely those of Kowalsky
and Priestley (2000), eq. (4-9 a, b), and of Moehle et al (2001), eq. (4-10 a, b). Comparison of
test results with these models is presented in Figs 4-18 and 4-19.

The Kowalsky and Priestley (2000) proposal gives median value of the ratio of
experimental to calculated results equal to 1.0 for circular columns or to 0.83 for rectangular
sections (overall median of 0.88) and corresponding coefficients of variation of 20.1% and
26.1% (overall coefficient of variation 25.5%). The Moehle et al (2001) proposal gives
median value of the ratio of experimental to calculated results equal to 1.0 for rectangular
sections and 1.11 for circular ones (overall median of 1.05) and corresponding coefficients of
variation of 26.3% and 17.2% (overall coefficient of variation 24.3%). In other words, both
models provide good average agreement for the type of column to which it was fitted (as a
matter of fact, the data used for the development of these two models are also included in the
Biskinis et al, 2003 database), albeit with larger scatter than any of the two models by
Biskinis et al, 2003. The fit for the othcr type of section is, however, worse.
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Fig: 4-19: Comparison of the model by Moehle et al (2001), eq. (4-10 a, b), with experimental data

44.4 Calculation of anchorage and lap-splice strength

Premature failure of a lap-splicc or anchorage effectively limits the force developed in the
reinforcing bar to a value lower than its axial strength. In old-type construction, common
bond-related problems are owing to: (a) The practice of splicing the main column
reinforcement just above the base of each floor (i.e., within a plastic hinge zone), but without
special provisions for confinement through stirrups. (b) The use of smooth reinforcement,
where anchorage capacity depends on frictional mechanisms mobilized along the anchored
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length. (c) The use of short embedment or lap lengths.

Both flexural bond and bond between lap-spliced bars need be considered. Note that
flexural bond refers to the bond action resulting from variation of bar stress due to moment
over the member length. Although not commonly checked for columns of moderate aspect
ratio and longitudinal bar diameter, this action is particularly important for columns with
relatively large-diameter longitudinal bars, small concrete cover and light transverse
reinforcement. ACI 318-99 and EC2 present procedures for determining the minimum
required lengths for straight bar anchorage and for lap-splices in new construction. The
required lap lengths in regions of high stress exceed the required anchorage lengths, mainly to
discourage use of laps in regions of high stress (ACI 408). According to Lynn et al (1998),
tests demoristrate that strength for given length of lap—splice is essentially the same as that for
the same length of straight bar anchorage (equal to only about 20 bar diameters). Therefore
one view is that, in evaluating existing splices it is appropriate to use equations for straight
anchorage length without code—specified modifications for lap—splices.

The force F;, that a lap-splice or anchorage zone of length L, may develop, may be taken
equal to the total frictional force that develops on the bar lateral surface within the length Ly,
(Priestley et al. 1996). The frictional force is proportional to the normal clamping force,
through the frictional constant s (for concrete, L is usually taken between 1 and 1.5). In the
absence of stirrups in the lap region, the clamping pressure is only provided through the
tensile resistance of the concrete cover, f;, developing over a crack path of length p (Fig. 4-
20). Thercfore, the force that an unconfined lap splice may develop equals to: Fs=p-f-Ly, and
the corresponding bar stress fi= p-fyLy/Ap, where Ay the cross sectional arca of one lapped
bar. Even if f>fy, the actual strength that may be supported by the lap length without stirrups

" o Cotumn Bar - B is likely to disintegrate

o Starter Bar upon load reversal. The

' ' region of the lap, being

also in a plastic hinge
region, will be Jocated
alternatingly in  the
compression and tension
zone of the column cross
section as the direction of
PO8 {08 the seismic force
. J _ reverses. For axial
(s) Circular Column (b) Rectangular Column (e) ::?;ef's’}::?fa‘ B'::! compressive strains in
' excess of 0.0015-0.002,

tensile cracks parallel to
the direction of the
compressive force are
expected to occur (when axial compressive
strain is in that range, the corresponding
transverse strains are approximately half that
b value, i.e. Poisson’s ratio ncar peak stress =
0.5). Upon reversal of the load the lap region
will try to develop tension force in the bar, but
with the cover cracked, the clamping force
will be diminished. Therefore, even if the
theoretical flexural strength is reached once,
upon the first cycle of loading to a full reversal
(@-d")2 l response is expected to degrade rapidly.

000.008
e e o 8

|

Fig. 4-20: Definition of crack path after Priestley et al (1996)

Priestley et al. (1996) proposed a methodology
for determining the residual moment capacity
'4 1YY l of columns: (a) without any stirrups in the

lapped region, and (b) with adequate amounts

of stirrups. Interpolation between these two

le=>| limits is proposed in order to assess the lap-
0.8x splice strength of an existing component with
Fig. 4-21: Development of residual couple upon some, but not adequate amount of transverse

failure of unconfined lap-splices reinforcement.
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A similar approach is proposed in the FEMA 273 (1997) Commentary (Chapter 6) for
anchorages. When the available length of embedment is not sufficient to develop the bar
force, it is recommended that the clamping action of normal reinforcing bars is used in lieu of
restraining action to support friction (for example, in the casc of a beam-column joint where
beam bars do not have adequate anchorage length into the joint, the stress in the adjacent
longitudinal column bar determines the magnitude of clamping action: the higher the tension
in the column bar, the lower is the clamping force on the beam bar (Moehle et al. 1994).

The following relationship (in lb, in) describes the reduction in beam bar anchorage
capacity (stress), as a function of the column bar tension stress: fs,beam=120\/chb(SOOQO-
fs coumn)/® < fy (it is implicitly assumed that f.coumn Will be calculated from a column section
moment analysis). Calvi et al. (2001) used the same model to evaluate the force devcloped in
horizontal smooth beam bars anchored through a beam column joint from the compressive
resultant in the compression zone of the adjacent column cross section, using the frictional
force concept.

. Residual flexural strength of a cross section without stirrups along the lap-length

In this case the contribution of the lapped reinforcement in the flexural behaviour of the
cross-section is neglected. The residual flexural strength is duce to the eccentricity - or lever
arm - between resultant compressive forces on the cross section and the externally applied
axial load (taken to act at the centroid of the section, Fig. 4-21). Hence, F=0, and

M, =N- ddy _gax| ; x=—N_ (4-15)
~ 2 0.85f.b

Limit (b): Flexural strength of a cross section with stirrups along the lap length,

The maximum clamping force that stirrups may provide equals AufyqLy/s:n where n the
total number of bars restrained by the stirrups in the direction considered (Fig. 4-20). (For
stirrups to be accounted for in this calculation, they should interrupt the crack path p
mentioned in the preceding). Priestlcy et al. (1996) suggested a coefficient of friction equal to
1.4 when transverse reinforcement is used as a restrainer. Thus, the axial force supported by
each lapped longitudinal bar equals: Fs=(l.4AufyLy/sn)+(p-fi-Ly) and the corresponding
axial tension stress, fy=(1.4Afyqly/sn-Ap)+(p-f -Li/Ap) 2f,, where the second term is to be
ignored if the maximum axial compression strain exceeds 6.002. An alternative is to take the
coefficient of friction equal to 1 (Lynn et al. 1998). By setting f=f,, the required amount of
transverse (stirrup) reinforcement (Ay)q may bc obtained for the splice to develop its
strength (if hooks are used, then a reduction factor of 0.7 ought to be used on the bar strength
value that need be developed).

For all other cases between the two limits presented above (i.e. for values of Au<Ag reg), it
is direct to interpolate between M;c(Ay=0) and M.(Atrreq), by assuming a linear variation
between flexural strength M, and the strength of tension lap-splices. The corresponding
shear strength V\,; in eq. (4-8) 1s calculated from: V;p=M;p/Ls.

4.4.5 Calculation of strength of compression reinforcement

Instability of compression reinforcement always accompanies crushing of the concrete
‘ compression zone, as necessitated by

0 9 W B sumof long. bar compatibility of deformations (shortening)
areas: A, between the two components. Under

monotonic load conditions, deformation

capacity of the compressed zone of the

member depends on the effectiveness of the

confining reinforcement, because the

\I confining pressure that may be mobilized

uniquely determines the critical compression
strain that the core may sustain without loss
l ,L ¢ l sum of forces: of integrity. Buckling of primary

Aufyy reinforcement reduces cxpected axial and
flexural strength and ductility, causing very

Fig. 4-22: Definition of terms in eq. (4-16) short plastic hinge lengths (some studies
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suggest hinge lengths even shorter than stirrup spacing, Albanesi et al. 2001, 2002). The

resulting localization of deformations corresponds to doubling or even tripling the curvaturc

ductility demands accompanied by brittle failure.

(a) In the absence of well anchored, stiff and closely spaced ties, elastic buckling may occur
before the bar reaches yielding. The bar slenderness ratio (s/®) determines the buckling
conditions: for a S400 compressed bar to yield in compression before it buckles, stiff ties
must be spaced at s/®=35; the corresponding ratio for $220 is 47. If the ties are very
flexible, it is conservative to assume that the length of the buckled bar may extend over
the entire length of the plastic hinge, which may encompass several tie spacings. In that
case the axial compressive strain sustained by the bar is 852=n2f1>2/4lp2£8y. This is the
upper limit in a moment-curvature calculation, defining the moment strength, Mpyci, of
the cross section and the corresponding buckling shear force Vpyeki= Mpuck/Ls. An
approximate criterion is that, in order to avoid elastic buckling over several tie spacings, a
restraint force of 1/16 of the yield capacity of the longitudinal bar would be required (i.e.
the tic diameter would need be ' of the bar diameter, Priestley et al., 1996). For
assessment, to establish whether buckling will occur over a single or multiple tie spacings
the following check must be considered (Priestley et al. 1996):

— Atrfy.\'r > 'I—A l

’ s 16 7" 60
where A, the total area of stirrup legs in the direction of restraint and A, the total area of
restrained compressed bars (Fig. 22). Alternatively, Albanesi and Biondi (1994) proposed
that buckling is expected to occur over a single tie spacing if tie stiffness exceeds the limit

k (4-16)

4
k =”_13E’_,, (4 -164a)

cr cr

where E the longitudinal bar modulus, /=(n+1)s being the number of stirrups involved in
buckling and n.,; a nondimensional stiffness index equal to B/n’, with B=64 or 26 in the
case of equally spaced stirrups (s=//2) or with different spacing 0.33! and 0.66,
respectively. Depending on the configuration of stirrups the above limit may be expressed
alternatively as a limit on tie to longitudinal bar diameter ratio.
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(b) Based on the works of Mau (1990), Monti and Nuti (1992), Watson et al. (1994) and
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others, tie spacing should not exceed 6 for the longitudinal bar to develop its ultimate
strength, f,, before buckling. This has becn based on bars with significant amount of
strain hardening (f,=1.5f,); closer tie spacing is required for lower amounts of strain
hardening. The relationship between spacing of ties, modulus of elasticity and bar axial
compressive stress is:

%zl.SJ?E— , E=200GPa,if f,<f,, E=E,Iif f,>f, (4-17)

In eq. (4-17) E; is the double modulus, i.e., a weighted average of the elastic and the
strain hardening modulus E,, (tangent value). For easy reference the ratio of E/E, where E
the elastic modulus of steel, is plotted against the ratio E,/E in Fig. 4-23. (Here, the double
modulus is considered to be an upper limit for the effective bar stiffness, whercas the
tangent modulus provides a lower limit.) Given the tie spacing in a member with old-type
detailing, the dependable axial compressive strain at which reinforcement is likely to
buckle, €yucki, is calculated from (4-17), or may be obtained graphically as shown in Fig.
4-24 (a) different curves are obtained for different stress-strain relationships in the strain
hardening region. The plot shown has been obtained from the steel stress-strain model
shown in Fig. 4-24 (b). An equivalent to the lower limit mentioned in the preceding (eq.
4-16) for the distributed tie stiffness, k = K/s, has been derived from first principles as
f.,zlEr for each restrained, longitudinal bar, where K the tie stiffness to extension in its
plane of action (Pantazopoulou, 1998).

Note that the above relationships break down if Ey=0. For the bar to survive through
the yield plateau region and to enter strain-hardening, the adjacent core must be effectively
confined so as to enable load redistribution from the bar to the concrete once the bar
looses stiffness as a consequence of buckling. The axial compressive strain that
corrcsponds to the deformation capacity of the confined core is estimated from the
normalized effective confining pressure in the direction of lateral sway, k.0 «f)«/f- using
either of the following two expressions (Paulay and Priestley 1992, Imran and
Pantazopoulou, 1996):

14¢
ecu =0.004 + sups,lrfyst (4 ) 183)
cc
24.6k,p,
Eo =&, (1+—M) ; 0.003<¢, <0.004 (4-18b)

where €, is the deformation capacity of the stirrup steel and €.,° the deformation capacity
of uniaxially loaded concrete (in the above, note the difference in the amount of transverse
reinforcement used — in eq. (4-18 a), the volumetric ratio p;,, is being used, whereas in the
model of Imran and Pantazopoulou it is the ratio of shear reinforcement in the direction of
sway, O q). The critical compression strain in moment-curvature analysis should not
exceed the limit €ci=min{€pyci, €2}, Where & the strain in the compression reinforcement
when the maximum core strain reaches the limit given by eq. (4-18). If Myy™ is the
monotonic moment strength value corresponding to a maximum compressive strain of €.,
(either on the extreme fibre on in the centroid of the compression steel depending on the
controlling minimum limit) then the corresponding shear Vyy™ in eq. (4-8) is, Vpuen™=
Mouci /L.

According to Albanesi and Biondi (1996) the post-elastic buckling may be triggered by a
sudden change in the configuration of confinement associated with yielding of transverse
reinforcement, which effectively increases the unsupported length of the bar. Therefore,
the critical compression strain may be defined as the least of {€puck, €k), Where g is the
strain when actual tie stiffness reaches the limit value given by eq. (4-16a). Albanesi and
Biondi (1996) state that the limit g closely matches experimental data, while €pycn
underestimates the ultimate concrete compressive strain.

(c) For closer spacing of ties, inelastic buckling occurs, involving extensive plastification of
the longitudinal bar, but only after significant core expansion has occurred (confined
concrete in the postpeak branch). In such cases the failure zone is extensive and buckling
may spread over a large number of tie spacings (Pantazopoulou 1998).
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(d) Under reversed cyclic load, buckling of reinforcement may occur in many different ways,
depending on the overall circumstances of the compression zone, including the load
history. A bar in compression may have yielded in tension during the previous cycle.
Whether cracks are open or closed depends on the amount of tensile strain, &, sustained
by the bar in the previous excursion (Fig. 4-25).

£,

Y pr—

Note that in the presence of shear,
additional tensile strains are expected
on the cross section (Tastani and
tension Pantazopoulou, 2001).  Thus, full

reversal of strains and closure of
cracks in the compression zone may
& occur only in the presence of
_ ‘ significant axial compression, or
compression alternatively, if large plastic rotation
develops 1n the plastic hinge from
excessive pullout of the tensile
— £, reinforcement. Up until the cracks
close the reinforcement is also
susceptible to sideways buckling
(Scribner et al, 1984). To preclude this
possibility, the tie diameter must be at
i least half that of the longitudinal
Fig. 4-25: Critical compression strain under cyclic load reinforcement, particularly if the
reversals longitudinal bar is restrained only by
, the flexural action of the tie (i.e., if it
is not tied on a stirrup corner). If €. is the maximum compressive strain at the extreme fibre of
the compression zone, the corresponding strain in the compressed bar is & >=(1-(d2/x))€.. But
the strain (and corresponding stress) that must now be entered in Fig. 4-24 or eq. (4-17) to
evaluate the likelihood of buckling is: €,=€,-€,+€.(1-d2/X) = ¢-d-g,, where ¢ is the maximum
scctional curvature experienced during the preceding cycle.
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4.5 Empirical calculations of deformation capacity

Empirical relationships were extracted from an extensive database of column and beam
tests with various confining arrangements, to quantify deformation capacity of reinforced
concrete members (Pantazopoulou, 1998). These provide lower bounds (characteristic
values) for: (a) The compressive strain of concentrically loaded confined concrete. (b) The
displacement ductility capacity of prismatic members under combined moment-shear and

axial load:
€5 =0.003+0.075(k,p, ,, f,, | f. —0.1)20.003 (4-19)
Hag =13+124k,0,,f,, ! f. —0.1)213 (4-20)

The subscripts gs and go highlight that the respective deformation capacities are associated
with a 15 and 20% drop of peak strength in the descending envelope of the experimental load-
deformation curve, respectively (i.e., 15% loss of strength in the group of concentrically
loaded specimens, and 20% loss of strength in the group of flexural members). The database
was also uscd in Section 4.2.6 in testing the models of Table 4-2 and contained specimens
with various volumetric ratios of confining reinforcement, having different confining patterns
(different confincment effectiveness coefficients, ke); (most specimens would not classify as
“old-type”, Syntzirma and Pantazopoulou 2001). As it is suggested by the form of the
empirical relationships, confining reinforcement that yielded nominal confining pressures <
10%f. were considered ineffective (e.g. old type construction). Thus, the constants 0.003 and
1.3 represent the axial strain and displacement ductility capacities of lightly reinforced
members. Note that c¢q. (4-19) represents dependable axial compressive strain, obtained from
tests with uniform strain distribution on the member cross-scction.
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To reduce the conservatism implicit in eq. (4-19), the strain-gradient effects that occur in
flexure may be considered in the same manner as in the EC2 design procedure (where €, for
concentric compression is 0.002, whereas for eccentric compression €, is taken 0.0035). This
increase by 50% of the values obtained by eq. (4-19) would result in a lower bound of
compressive strain capacity for flexure equal to 0.0045, which corresponds to the strain at
cover spalling observed in cyclic shear tests.
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Figure 4-26: Fitting of eq.(4-20) to experimental data
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Fig. 4-27: Displacement ductility according to the principal mode of action is the inclined
Tassios and Moretti (2001) Model. strut from end to end, rather than the

familiar truss model. Conservatively, the

available displacement ductility may be
taken equal to the aspect ratio i.e., ugo=Ls/d. Fig. 4-27 plots the proposed relationship for the
complete database of tests assembled by Syntzirma and Pantazopoulou (2001); it appears that
the proposed relationship corresponds to a mean approximation of the experimental trend.
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An alternative empirical model was proposed by the Japan Building Disaster Prevention
Association (1977). According to this procedure, the flexural and shear capacities M, and V,,
need b_e computed first; flexural capacities are converted into associated shear forces, Vitex,
assuming the point of inflection is at midspan. If Ve < Vy, a flexural failure mode is
considered as most likely and the corresponding clement behaviour factor q > 1.0, otherwise g
is taken as 1. For columns the available displacement ductility factor (corresponding to
ultimate displacement at 20% loss of yield capacity) is estimated from the empirical relation:

\% \%
HA=10‘[ = —1]—30- ——-0.1|-2, when 1€u,<5 (4-21)
flex b'Z‘fc

The last term (i.e. the -2) is omitted if the stirrup spacing s is less than 8 times the
longitudinal bar dmmeter. The value of py is limited between 1 and 5. From this value of py
the column behavior factor q is computed using the empirical relation:

(2py -1)"
q =
0.75-(1+0.05-p,)

(3-22)

4.6 Behaviour of old-type beam-column joints
4.6.1 [ntroduction and background

Design provisions for dimensioning and detailing of beam-column joints were introduced
relatively late in modern design codes (the first set of design requirements for joints were
introduced in 1967 in the ACI 318-67 Code and in 1985 in the CEB Model Code for seismic
design of concrete structures). Modern provisions regulate the joint-panel dimensions so as:
(a) to ensure adequate development of beam and column bars passing through the joint; and
(b) to limit the joint shear stress demand below allowable shear stress limits; thereby
precluding the possibility of diagonal tension failure of the joint panel. In old-type reinforced
concrete structures, built prior to the introduction of these provisions, monolithic beam-
column connections were usually not designed for shear action unless they were knee-joints
(i.e. joints at the roof of a frame building). It is noteworthy that most national codes still do
not explicitly require any particular shear stress check at the joint, although today it is
generally required that stirrups in the column critical zones adjacent to the connection be
continued through the height of the joint. In older construction, column stirrups were usually
discontinued within the joint for ease of construction, whereas the joint region usually served
for anchorage of beam longitudinal reinforcement. In some cases reinforcement comprised
smooth bars with the anchorage developed through semicircular hooks; 90° hooks were used
mainly with ribbed bars, particularly for development of beam top reinforcement in the joint.

Preservation of gravity load carrying capacity and lateral load strength in reinforced
concrete frame structures under earthquake action is linked to the integrity of the beam-
column joints, since these elements are part of both the vertical and horizontal load path.
Transfer of forces (shear, moment and axial loads) through the joints is necessary for the
development of framing action. In a new design, ideally, the joint is dimensioncd so as to
sustain development of the flexural strengths of the adjacent frame elements at the joint faces,
without significant degradation of bond along beam and column primary reinforcement. In an
older design, where neither shear nor bond stress demands had been regulated, joint failures
during earthquakes may be very brittle and are a common cause for excessive flexibility of the
overall frame and a consequent loss of vertical load carrying capacity (Lehman 2002).

Stirrups, when provided, act as a mechanism of confinement, preserving the integrity of
the diagonal compressive strut (or compression stress-field), through which concrete
participates to the joint shear action, while also enabling sharp force gradients along the beam
and column primary reinforcements through development of high bond stresses. In the
absence of stirrups these response mechanisms become the weak link of joint action, for their
sustainment relies on the limited tensile strength of the joint panel. For this reason. in the
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absence of confinement, joint failure can be very brittle, the magnitude and consequences of
joint damage depending upon the overall circumstance of the connection: ‘

From among the many variables influencing the extent of joint distress and failure typc the
most critical are:

e the bar size anchored through the joint (i.e., the magnitude of bond demand),
the available joint reinforcement,
the magnitude of joint shear stress,
the magnitude of column axial load, o
the position of the joint — whether it belongs to a perimeter frame of the building or
not,

e the flexural strengths of the beam and column elements framing to the joint (weakest

link) and,

e the history of imposcd lateral drift,

¢ and (to a lesser extent) the strength of concrete.

From a collective review of experimental evidence, particularly focussing on old-type
joints, Lehman (2002) concluded that joint performance appears to be particularly sensitive to
the magnitude of joint shear stress and drift history.

The above list of parameters has been evaluated in experimental literature with regards to
the sequence of failure in the beam-column connection, where joint damage is associated with
shear distortion or slip of primary reinforcement. Other, spurious failure modes possible in
joints with unusual details are also likely and assessing the likelihood of their occurrence may
not necessarily depend on the preceding list of design parameters. For example, some
anchorage details common in old-type construction, such as hooked anchorages of primary
reinforcement that is oriented orthogonal to free joint faces, have been reported to lead to
localized failure modes that involve spalling of the frontal cone of joint cover and complete
elimination of the anchorage strength. The ensuing rapid degradation of the joint panel
endangers the vertical load carrying capacity of the overall frame (Calvi et al. 2001). By
definition, exterior and knee-joints of this type are the most vulnerable.

Experimental studies of old-type beam-column connections report that collapse of
complete structural components duc to joint panel degradation may occur before any
significant damage may take place in either beams or columns. Note that columns designed
for gravity only are often considerably weaker than beams, possibly leading to formation of a
soft storey mechanism. But considering the relatively low reinforcement percentage and axial
force in the columns, considerable deformation capacity may be available in the column
critical scctions even in a soft storey frame. The consequence is that prior to the development
of a flexure-shear hinge in the columns, joints of limited strength and/or deformation capacity
may be reduced to function as shear hinges. Thus, in order to properly assess the likely
hierarchy of failure and distribution of anticipated damage in an old-type frame connection, it
is necessary to represent in the analytical model of the connection the joint flexibility
resulting from joint shear function.

Calvi et al. (2001) discuss the possibility that the formation of joint shear hinges in old
type frames may not always prove as dctrimental as it is usually thought, depending on the
ductility of the joint after attainment of joint strength. In a deformable joint of low shear
strength, such as joints with poor anchorage capacity where response is dominated by
reinforcement slip, redistribution of drift demands is expected to occur between the floors
immediately above and below the joint, alleviating thc consequences of a soft storcy
mechanism. Due to bond degradation, lower flexural moments are sustained by the column,
with different equilibrium conditions prevailing in the connection than what would occur
when assuming ideal bond conditions. On the other hand, joints combining low strength with
low deformation capacity (e.g. joints with unfavourable reinforcement details, such as hooked
primary reinforcement) are detrimental to the structure. Clearly, in properly assessing the
implications of joint failure on structural response, a measure of the available joint
deformation capacity is as important as joint strength.

In light of the preceding discussion it is evident that a design model is required for
systematic and quantitative assessment of the basic response aspects of poorly detailed joints,
namely strength, stiffness, deformation capacity and failure mode. Various modelling
procedures for joints, quantifying the above properties, are available in international literature
and are briefly reviewed in the following sections. A note of caution is, however, that some of
these models may not be applicable to old-type connections, as they rely on homogenisation
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assumptions that could only be supported in the presence of adequate confining reinforcement
(such as smearing of cracks and averaging of stresses and strains in the joint panel).

4.6.2 General classification of beam-column joints

By definition the joint is the column segment that also belongs to the beam at the
intersection of the two members (Fig. 4-28). Depending upon the kinematic constraints
imposed by the surrounding members, joints are classified as interior (cross-type), exterior (T-
shaped) and corner or knee joints (L-shaped). In its latest draft recommendations, ASCE
Committee 352 (Beam-Column Joints) (2001) further classified thc joint types thereby
specifying the corresponding joint shear strength depending upon the number of free column
faces in the joint region (i.e. depending on whether the column is continued or discontinued
above the joint). This is in recognition of

the confining action and its bencficial effect —VL[_ ™r
on joint shear strength, imparted by

members framing into the joint. For a given |
drift, both the imposed joint shcar stress
and the intrinsic joint shear strength are

highest in interior and lowest in corner
joints; however the basic parameter () (b) ©
defining the corresponding design shear is —AAL e ¢
the strength of anchorage of primary beam
and column rcinforcement through the
joint.

Fig. 4-28: Various types of beam-column joints. (a)
interior, (b) exterior, (c) knee-joint

4.6.3 Calculation of nominal shear stress in the joint panel

Under lateral sway, flexural moments in frame members are distributed linearly between
nodal points with the point of inflection (zero moment) approximately at midspan (actually,
beam moments deviate from the linear distribution by the amount associated with gravity load
distribution; however, the moment transfer at the connection cannot exceed the flexural
capacity of the beams adjacent to the joint). Moments attain extreme values (of opposite sign)
at the joint boundaries as illustrated in Fig. 4-29. The sign reversal from one joint face to the
other is achieved by sharp moment gradients within the joint panel; the slope of the moment
diagram within the joint dimension represents the corresponding joint shear force. It can be
easily shown that joint shear V; is several times greater than member shear acting in the
adjacent beams and columns. Considering M," and M, the beam moments adjacent to the
joint, L the beam span and d, the effective depth of the column cross section, then V; is rclated
to the beam shear V}, as:

M, M, _y L (4-23)
d d

[ [

Vi

The ratio L/d. is about 10 for common older-type buildings (a beam span of approximately
4m and a column dimension of 0.4m). Therefore for this problem joint shear is about 10 times
as large as the beam shear associated with flexural hinging on both sides of the joint. This
magnitude highlights the vulnerability of the joint as a disturbed region (D-region) in the
structure.

The shear force thus calculated represents the horizontal input to the joint, but the same
method can be used as well to calculate the vertical joint shear force (by equilibrium of
moments along the column). When normalized by area so as to obtain units of stress, the two
results are the same, as required by equilibrium:

Vi = vy = (4-24)
" bd,d

cb
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As it is unlikely that any portion of the
member intersection rcgion will be inert with
regard to joint deformation and in order to

simplify notation, stress calculation in eq. (4- a—
24) was based on joint dimensions defined by (a) =R
the common volume of beam and column: \

dpd b, where d, the beam effective depth, d.
the column effective depth and b the least of
beam and column widths (Bonacci and Wight,
1999). According to the ACI 1999 Code, the
joint is a rectangular member with height =
equal to the beam sectional height, length = =
equal to the column cross sectional height and
width equal to the least of: (a) thc average of 1
column width and beam width, and (b) the
beam width plus one half of the column ;T
section height. 4l
Similarly in knee-joints (and tee-joints )
along the column axis) joint shear may be |
calculated from the moment gradient within = )
the joint panel, with the exception that, in this =
case there is no moment reversal within the —
joint. Rather, moment may be taken zero at
the frec joint face in the direction of interest
(Fig. 4-29). (More conservatively, moment
should be taken as zero at the centroid of the
outer layer of main reinforcement)

M . 0.5V,L
Vv, = %c=vb%dc A TR (4-25)

Evidently, by comparison of egs. (4-23) and (4-25), knee joints are subject to approximately
half the intensity of shear stress as compared to interior joints.

Fig. 4-29: Calculation of joint shear from moment
gradient within the joint. (a) interior
Joints; (b) knee joints

4.6.4 Nominal calculation of demand in beam column joints according to
international codes

4.6.4.1 Calculation of shear demand

An alternative method for calculating joint shear to the one presented above is through
equilibrium of forces acting on half of the joint considered as a free body, bounded by a cross
section that passes through the joint centre as illustrated in Fig. 4-30. Depending on the
location of the plastic hinge (in the beam or the column), the pertinent cross section is
oriented in the horizontal or the vertical direction, respectively. For interior joints and

1/1 - V¢ assumir}g the plastic hinge is on the

beam outside the joint, it follows

from equilibrium that joint shear

equals VL = CS+ G + Ty - V&°

where C.7, C,*, T, are the forces in

the compression and tension zone of

the beam cross sections adjacent to

the joint, whereas V.° is the column
shear above the joint (Fig. 4-30).

In the absence of beam axial load
(a common assumption for interior
Vs beam spans in frames) it follows
Fig. 4-30: Calculation of joint shear force in interior joints from equilibrium of the beam cross

v
ke
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. . “ + + . . . .

section th.at C. + C* =T, lf it 18 further assumed that tensile reinforcement in the plastic
hinge regions adjacent to the joint has yielded, the joint shear may be expressed in terms of
the areas of top and bottom beam reinforcement as follows:

Vi=T) +T, -V, = A f, +A,f, -V, (4-26)

52
which, in units of stress may be written as:

d
Ve = Vo =0y TP, d—b— v, (4-27)

<

Some Codes require that flexural overstrength resulting from reinforcement strain
hardening be accounted for in eq. (4-27) by factoring fix by 1.25 (introduced in the ACI-
ASCE 352 Recommendations as early as 1976 and in the New Zealand Standard in 1982).
Also important in estimating the demand on the joint is consideration of the slab participation
on beam flexure (this was a requirement in the New Zealand Standard as early as 1982, but
today this is included also in the ACI .
Code (1999) and in EC8 (1994). Vi ppeven | Vi

In the case of knee joints it is also
necessary to consider the member
axial forces that may be resolved from

. . 0, losing
the statics of the connection as shown N, Ny LM('luxinL'
in Fig. 4:31 (beam shear is in - closing
equilibrium with the column axial Vu;’:ﬁm N“}c:’oﬁng
force and vice versa). The sign of < € s
X . pen losis
shear force changes according with VM \./ M

the direction of lateral sway; under

(a)
closing moments (Fig. 4-31 b), the Ca
resultant axial forces in both beam -+ open Ty
and column are compressive, but they Ce
become tensile upon reversal of the Vo s
moment direction (opening moments), T .
thereby influencing unfavourably the —; C,

flexural resistance of those members wpen > closio
and severely taxing the anchorage of -V Ve
primary reinforcement. Using the
model in Fig. 4-31, joint shear is
obtained from:

d
VPP =CP"+C,, =T, - V" =A [, -V | v, =v,=pyf, E"—~ vt (4-28)

] zX

(b)

Fig. 4-31: Calculation of shear in knee-joints, (a) opening
action, (b) closing action

8
- d
Vj"l’-“‘ ¢ =Ts2 = Astyk ) vzx = vxz = pszfyk a—b— (4-29)
C -

where Ag, Ag are the areas of bottom and top beam reinforcement at the joint face,
respectively. Evidently, from eqs. (4-28) and (4-29) it follows that the intensity of shear stress
in the case of opening moments is lower than the corresponding value in the case of closing
moments. Thus, joint shear failure is more likely under closing moments, whereas under
opening the likely failure mode is related to diagonal tension cracking due to the flexural
action occurring in the joint.

4.6.4.2 Nominal calculation of demand in the form of principal stresses in the joint
Some Codes specify resistance directly in terms of diagonal principal stresses in the joint.
For verification purposes it is therefore essential that joint demand be also expressed along the

same reference coordinates. In this regard, the stress tensor at the joint centre is defined from
boundary forces, in terms of total average stresses as follows:
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n, v, O
G=|v, n, 0 (4-30)
0 0 n

y

In eq. (4-30), v; is the joint shear stress input as calculated by one of the preceding methods.
The diagonal terms are defined as follows: total normal stresses nx, nz and ny are taken equal
to the average boundary stresses acting on joint faces, resulting from the permanent axial
compression forces sustained by the adjacent members in the longitudinal (x), vertical (z) and
transverse (y) directions, respectively (including the effects of prestressing after losses). Note
that if a member (beam, column, or transverse beam) is discontinued past the joint, then the
corresponding normal stress at the joint centre should be taken as one-half of the
corresponding boundary stress value.

N .. N, N ..
n.=—=2: n 0= . n, =2 (4-31)
b, S by, T odyd,

Principal stress values may be computed either as total stresses (concerning the reinforced
concrete panel that represents the joint), or as concrete stresses (concerning only the concrete
material of the panel).

The first approach follows directly from the definition of the total stress tensor, eq. (4-30):

+ — +n -
ol="22""— ("12"")“% ;02=’122 4 ["z ?"")+v§ (4-32)

where 0, is the principal tensile stress and o the principal compressive stress.

The second option has been formulated by Pantazopoulou and Bonacci (1992, 1994): in
that case, the average concrete stresses are obtained from the total normal stresses, by
consideration of equilibrium in the reference frame of axes:

Gx =psxfx +nx ; Gz :pszfz +nz ; Gy =psyfy +ny (4'33)

where ps, Ps; and pgy are the area ratios of reinforcement crossing a plane through the joint
centre normal to the x, z, and y axes, respectively, and f,, f;, and f, the corresponding
reinforcement average stresses at the joint centre. Note that longitudinal reinforcement
passing through the joint is accounted for in the corresponding area ratios at 50% efficiency
(to account for yield penetration), unless a substantial axial compression was transmitted
through the joint (Pantazopoulou and Bonacci, 1991). With the definition of normal concrete
stress values given by eq. (4-33), principal stress values are given by:

o,+0 o,-0 0,+0 c,-0
Oy = 22 X—J( 12 ")+vf D Oy = 22 "+\{( 22 "‘J+v]2- (4-34)

Prior to cracking, it may be assumed that the reinforcement action has not been mobilised
and therefore its contribution in the cquilibrium eqs (4-33) may be ignored; in that case,
concrete stresses become coincident with total stresses, and thus, in setting limiting values for
the cracking principal stress, the two approaches described by eqs. (4-34) and (4-32) produce
identical results. After cracking has occurred, the principal tensile concrete stress Oy 1S set to
zero. From this requirement, the failure shear stresses in the joint obtained from eq. (4-32) and
(4-34) are no longer coincident.

4.6.5 Nominal resistance of beam column joints according to the international codes

Joint failure is an undesirable design option because it is difficult to repair and its
implications are severe on the vertical load carrying capacity of the column. Therefore, one
verification criterion is to ensure that joint shear resistance exceeds the demand as estimated
by one of the two methods presented in the preceding. Joint strength is defined either directly
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in_terms of nominal shear resistance (ACI 318-1999, EC8-2002), or indirectly, in terms of
diagonal tension and compression principal failure stresses (CALTRANS 1999). In a new
design, nominal shear resistance values are used as allowable stress limits, but the underlying
premise remains that adequate detailing exists in the joint in the form of stirrups to preclude
brittle shear failure or anchorage failure of the primary reinforcement. The objective in new
designs is to ensure that inelastic action occurs outside the joint, preferably in the form of
stable inelastic rotation of flexural plastic hinges in the adjaccnt beams (or columns in the
case of bridges).

In assessment of existing structures, using the nominal shear resistance values may only
serve as a plausible upper limit for monotonic joint shear strength, to be available only if the
lower-strength, alternative spurious failure modes that could threaten joint integrity may be
precluded. Furthermore, this resistance is to be sustainable under cyclic load only if adequate
confinement is simultaneously present. Such spurious failure modes involve anchorage
failures of unconfined smooth bars bent through or terminating with hooks in the joint.
diagonal splitting failurcs duc to complete lack of transverse reinforcement, instability due to
offsetting of compressed reinforcement passing through the joint, lap spiice failures in the
column critical region directly above the joint, etc.

4.6.5.1 Joint shear resistance estimates — Historical review of the State of the Art

Because concrete shear failure is prioritised by design to involve diagonal tension
cracking followed by yielding of transverse reinforcement (as opposed to compression
crushing of concrete), shear stress limits are usually expressed as multiples of concrete tensile
strength, in the same manngr as is used to quantify bond resistance. Thus, the Eurocodes
stress limits are related to f,.kz/' whereas in the ACI Code f;.k”‘? is used instead.

Joint shear resistance values are largely empirical, having their origin in a small number of
milestone beam-column connection tests under reversed cyclic load (Meinheit and Jirsa,
1976). Prior to that time, joints were only considered in the ACI Code in satisfying the
requirements for development of beam reinforcement and were otherwise provided for as part
of the column, a practice that is used in some codes even today. The first mention of a joint
shear strength estimate was introduced in the ACI-ASCE Committee 352 recommendations in
1976. Based on the Meinheit and Jirsa experiments, the allowable joint shear stress was set at
1.67Vf. (stresses in MPa). The shear strength of the joint was assumed to comprise concrete
and transverse steel contributions. For type-2 joints (a classification adopted by ACI-ASCE
352 Recommendations for joints in earthquake resisting frames) the concrete contribution
was limited by the assumed occurrence of diagonal tension failure to 0.29Vf, (in MPa). This
bound was increased to approximately 0.42\(%. (in MPa) for joints confined by transverse
beams, but was set to zero for joint subjected to a net tensile force (Pantazopoulou and
Bonacci 1994). The difference between nominal joint shear stress input and the concrete
contribution as defincd above was used to estimate the required transverse steel, with the
proviso that v, was limited by an upper bound of 1.25Vf, (in MPa). The long time North
American practice of offsetting longitudinal column bars in the joint was discouraged at the
1976 edition of the ACI-ASCE 352 Recommendations and was prohibited in the revised 1985
edition. No specific anchorage requirements for beam bars were given up to that point, but
the designer was encouraged to use small diameter bars to reduce the amount of bond
deterioration likely to occur under alternating inelastic deformation cycles (Pantazopoulou
and Bonacci 1994).

The requirement to distribute column bars around the perimeter of the column cross
section for improved confinement of the joint core was introduced in the 1985 edition of the
ACI-ASCE 352 Recommendations. Other changes embodied in the 1985 edition were: (a) the
requirement that the diameter of beam bars developed through the joint be limited to 1/20 of
the column sectional dimension in the direction considered; (b) explicit requirement regarding
the ratio of column flexural strength to probable beam flexural strength to encourage a strong
column — weak beam connection behaviour; (¢) recognition of the confining action of
transverse beams by allowing that confining reinforcement in the joint which was the same as
that in column critical regions be reduced by 50% when beams framed into all faces in the
joint, and (d) scaling of allowable shear stress levels according with the type of joint (interior,
exterior and comner joint) to 1.65, 1.25 and INf, in MPa, respectively. This acknowledged the
favourable influence of confincment on joint resistance (provided by transverse beams),

130 4. Strength and deformation capacity of non-seismically detailed components



Copyright fib, all rights reserved. This PDF copy of fib Bulletin 24 is intended for use and/or distribution only by National Member Groups of fib.

which is owing to the restraint they present to dilation of the concrete core. According to ACI
Committee 352 (2002) these values may be unconservative for connections where the column
is discontinued above the joint (i.e., in top floor connections in buildings, or common bridge
joints). Thus, for knee joints the recommended allowable shear stress value is 0.67\/f,4 in
MPa, whereas for T joints the interpolated values of IVf. and 1.25Vf, are recommended
(exterior and interior joints, respectively).

Similar levels for the allowable joint shear stress were established in the1982 edition of
the New Zealand Standard (I.S\ff(‘ in MPa). Shear reinforcement (in both horizontal and
vertical directions in the joint) were obtained by postulating a corner-to-corner diagonal
failure plane across the joint core and assuming no concrete contribution unless significant
axial compression was transmitted through the joint. Confinement reinforcement tied in
directions normal to the plane of action so as to limit dilation of the joint core due to cracking
was required. This confinement reinforcement was also computed as in the case of ACI-
ASCE 352 Recommendations (1985) from column design requirements and was reduced by
50% in cases where beams framed in all faces of the joint to recognise the beneficial influence
of transverse beams. To minimize deterioration of bond due to yield penctration, maximum
beam bar diameters were limited to 1/25 and 1/35 of the column depth for 280 and 420 MPa
steels, respectively. The allowable shear stress limits were modified in more recent proposals
originating from Ncew Zealand, to fractions of the uniaxial compressive concrete strength (0.2-
0.25f,) to recognise the role of the diagonal compression strut in resisting joint shear after
diagonal tension cracking of the joint (Paulay 1989, Cheung et al. 1993, NZS3101:1995).

The first provisions of the AIl (1988) regarding joints refer to the formation and
sustenance of the diagonal compressive strut in the joint core as the primary mechanism of
resistance. Key consideration is minimising the magnitude of bond demand in bars anchored
through the joint, by increasing the column size and by reducing the beam bar diameters.
Dimensioning of the joint is controlled by the limitation that bars anchored through the joint
have diameter less than fy/3.2\’fr (in MPa), and by allowable joint shear stress limits of 0.25f.
for interior joints and two-thirds of that amount for exterior joints. Again, the allowable shear
stress limit is expressed as a fraction of uniaxial compressive strength to recognize the role of
the diagonal compression strut as the primary sourcc of joint shear resistance. This of course
is implicitly linked with the proviso that sufficient confinement exists in the joint (as in the
column critical zones), so as to ensure that the diagonal compression strut is formed and
sustained to large drifts (at least 1.5%) without the occurrence of alternative, premature
failures.

The ENV versions of EC8 considered only two general classes for joints, those of interior
and exterior joints, with allowable shear stress limits of 20 and 151gq, respectively. (In these
limits, Trg is design shear resistance, related to the characteristic compressive strength of
concrete as: 2%d:o.25fcu,zo.z5fc,.(/yczo.25><0.3fck2”3fyc=o.075fck2’3/1.5; hence: 20Tge=1.0fy>".
15tRg=0.75f"").

4.6.5.2  Joint shear resistance estimates in terms of principal stress limits

Setting limits for the principal stress values in the joint (both compressive and tensile) is
an alternative approach in design/assessment that is arguably more consistent with the
underlying mechanics of the problem, as it illustrates in a transparent manner the influence of
axial load acting on beams or columns on joint cracking and ultimate strength. This is
especially true in the case of assessment of old-type structures, where it is not possible to
prioritise stirrup yielding prior to crushing of the diagonal compression strut that forms from
end to end in the joint, as many old-type connections completely lack shear reinforcement or
possess inadequate amounts thereof. Therefore, diagonal tension cracking may be assumed to
occur in the joint if the tensile principal stress excecds the limit:

o, =Ll ‘\/(": _nx]+ i < £ ={ 0PV aCDIB1009) @35 2)
2 2 03f:° (EC®)

Note that eq. (4-35 a) may also be expressed as a limit in the magnitude of joint shear
stress, consistent with basic principles as:
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v, = for \{[1 + ;: J[l + J’: } (4-35 b)
cth ctk

In the absence of shear reinforcement, exceedance of the above limit corresponds to shear
failure of the joint. As mentioned in Section 4.6.5(a), the 1976 ACI-ASCE 352
Recommendations proposed that for joints restrained on all faces by beams, a shear stress
value as high as 0.42Vf; may be sustained by the concrete core alone, whercas for all other
joints this limit was only 0.29Vf.. Pricstley et al. (1996) proposed using these limits in the
assessment of substandard old-type connections provided that members framing into the joint
remain elastic. If there is no axial load in the longitudinal (x) direction, as is the case in
interior beam-column joints, eq. (4-35 a) simplifies further to:

2 .
5 e
ctk

Using kVf, for the tensile stren gth of concrete, Park (1997) expressed the above limit (eq. (4-
36)) for diagonal cracking of joints without transverse reinforcement in the joint region as:

v =kyf] - [+ (4-37)
S |
For exterior joints with beam longitudinal bars that terminate as hooks into the joint, the
recommended value for k is 0.4 (Park 1997). However, from comparisons with published
experimental results, Lehman (2002) concluded that the above value may be overly
conservative and proposed relaxing the limit for k to 0.6-0.7.

If reinforcement is present, so that formation of a diagonal strut and tie system is possible,
the principal compressive stress may not exceed the crushing limit of concrete. Depending
upon the manner of its definition (i.e. whether it is derived from total or from concrete
stresses) the following two alternative design limits are suggested:

(a) Based on total stresses, (eq. (4-32) (Priestley et al. 1996, CALTRANS 2002):

7= “ “losa-L2 7, Bes,200) (4-38)

(b) Based on concrete stresses (eq. (4-34) Pantazopoulou and Bonacci 1992, 1994):

Two possible scenarios are considered, depending on the type of failure that ensues after
yielding of transverse reinforcement, namely yielding of vertical steel or concretc strut
crushing. For these two cases, the limiting joint shear stress is obtained from eq. (4-34) for the
principal compression stress Oy, as:

~ 0.25f, (CALTRANS 2001)
_ nz +n_‘ +\,[nz n"]’kvjz- S/ll,f

| { Jouf, 0, ) p.f, +n,)
Vi

0af, +n,) (£ —p,f, +n,)

(4-39)

In eq. (4-38) and (4-39), A.<7 considers the weakening influence of orthogonal tensile strains
on the strength of the diagonal compressive strut, and for new construction may include a
safety factor ¢, or y. of about 1.5 (fee=f/1.5). (Based on the work by Vecchio and Collins
(1986), a pertinent expression for A. without the safety factor is given as a function of the
principal tensile strain: A,=1/(0.840.34(€\/.,))). The above limit of Af. for the strut
compressive strength, may be multiplied by a confinement effectiveness coefficient,
ac’:[1+2(ny+psyfyd)] <1.5, where psy the reinforcement ratio (closed stirrups) in the transverse
direction of the joint pancl (orthogonal to the planc of action of the joint).
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Eq. (4-38), having been derived

@ 4 (b) f without considering the favourable

— = —p cffects of reinforcement on joint

shear resistance, is likely to be more

appropriate  for old-type joints

lacking adequate amounts  of

- - transverse steel. But a general
disclaimer as to the applicability of

& ‘ [[mh either of the above limits eqs. (4-38)

and (4-39) in unreinforced joints
may be appropriate at this point.

% ¢ 1 % Note that prerequisite to defining a
! stress tensor and to using the
‘% té relevant coordinate transformations
in order to obtain principal stresses,

v:[[[llm prinCip
was the assumption that a

homogeneous stress field acts in the
joint.  In  the absence of
reinforcement to secure adequate
control of cracking, the
homogenisation assumptions
underlying the process of averaging stresses and strains are no longer valid, rendering both
models above somewhat irrelevant to the problem of joint capacity assessment past the
occurrence of diagonal cracking.

Fig, 4-32: Interior joint: (a) well detailed joint, prior to loss
of bond of primary reinforcement. (b) single strut
action after loss of bond.

4.6.6 Interpretation of old-type joint behaviour

It has been shown before that the same basic truss model

""""""" qualitatively describes the behaviour of all joint types (Figs.
: 4-32, 4-33, Park and Paulay 1975). The truss comprises a

single diagonal compressive strut (representing concrete)

!l held in equilibrium by forces developed in the horizontal and

vertical tension ties (representing the reinforcement). Failure
of the truss may occur by crushing of the strut, by splitting of
the nodal region, or by bond failure along the anchorage of a
Fig. 4-33: Diagonal strut and ties tie. Figs 4-32 and 4-34 a, 4-34 b illustrate the truss function

(joint truss model) Verti , in interior and knee joints —

Cover ﬁ;?écal stirrup under closing and opening

(a) resistance  F, (b) moments, respectively. If

- VP Feover \ the primary reinforcement

Force in —) N is smooth, then the truss
horizntal \ o model functions in its
stirrupy, Fm_> familiar form from early
>l on, immediately upon

formation of diagonal

= tension cracks. If primary

j' reinforcement is deformed,

f v ‘ then the truss mechanism

consolidates at large drifts
(Fig. 4-32 b), whereas early

. I'd
? on, shear is introduced into
; * the joint through bond
along the beam and column
bars and resistance s
‘% /S developed along several

smaller struts (Fig. 4-32 a).
A significant feature of
the truss model is that

Fig. 4-34: Knee Joint: (a) Response under closing moments, (b) Response tension ties must be able to

under opening moments
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develop their force (e.g. yield strength) up to the node of the truss, regardless of how good or
bad the bond conditions might be along the straight part of the anchorage ahead of the node.
This point has been highlighted in many joint shear experiments, the most illustrative being
the case of the knee joint, which, of all connections, possesses the lowest redundancy. For
isolated knee-joint components, it has been experimentally shown that the top cover of the
joint with deformed bars will spall-off under cyclic load reversals, regardless of the moment
strength ratio of the connection, with the top bar force being transferred all the way to the bent
portion of the anchorage. This is observed even when a large number of vertical (inverted U-
shaped) stirrups are placed in the joint to improve clamping of the beam top longitudinal bars
(Wallace and McConnel, 1995). (An exception should be noted, however, regarding vertical
stirrups, namely that the clamping action they provide improves anchorage of the bent part of
the beam bars by suppressing the “lift-up and kick-out” mechanism shown in Fig. 4-35).
Similar is the effect of horizontal joint stirrups on column bars that are bent and anchored into
the joint (Fig. 4-34 b).

Accepting that the force of a tension tie in the joint truss
model must be developed at the node, is equivalent to requiring
that bond development occurs past that point. Depending on the
available, details this is not always possible, particularly in the
absence of stirrups or any other rcstraining mechanism. A
variety of anchorage arrangements is possible (whether beam
bars will be bent in or out of the joint, whether the length of the
bent portion will extend into the column past the joint or not,
whether column and beam bottom bars will end in hooks, etc.);
most of those would result in vastly different strengths and
connection deformation capacities, even if the nominal beam to
column flexural strength ratio is kept the same. (As far as the
- tension tie force is concerned, it is also important whether beam
Z or column bars will yield first, in the sense that the force
magnitude of the tension tie and thereby the demand on the
anchorage depends on the moment developed at the face of the
joint).

Deformed bars acting as tension ties mobilize: (a) bond
— along the segment of the bar that is anchored through the truss

node, (b) bearing action under the bent portion of the bar, and
(c) bond along the length of the bar extension beyond the node.
Fig. 4-35: Spurious spalling Smooth bars acting as tension ties rely on the bearing action

swny
K

—»

L)

action of bent bars due to under the bent portion in order to develop tension; the
curvature changes under associated displacements are significant, whereas they are much
Jorce smaller in the case of a deformed bar. Therefore, the type of

detailing of primary reinforcement past the nodal point

determines whether the joint will be able to develop its design
strength, whether joint degradation will
occur, as well as the magnitude of 0 =30°
attendant deformations due to bar slip.
Furthermore, the capacity of the truss
nodal zone to support the diagonal strut
and to anchor the tension ties is critically
related to the amount of confinement
provided to the node either by means of
confining reinforcement, framing
members or other details; these will assist
the node to divert the forces from one
path to the other without splitting. For
example, when beam bars are bent away
from the joint, as typical in old practice, :
no effective nodc point is provided for the f__4
development of an efficient compression |
strut mechanism, unless a significant  Fig. 4-36: Cone splitting failure of the cover in front of a
amount of transverse column hoops is hooked anchorage without stirrups

d
)

-
L
»

A

1 DH +2C /tanf
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placed immediately above the joint core (Priestley et al. 1996, Calvi et al. 2001).

Compressed smooth bars have as much resistance as the push off strength of the cone in
front of the bar hook (Fig. 4-36). Therefore, Fy,=0.26f, C(RH+2C/tan0)2, where C is the cover
over the hook and Ry the hook radius. (The angle of inclination of the crack plane from the
vertical axis, 8, is taken about 30°). For example, for a cover over the hook of 30mm, a hook
radius of 50mm and concrete tensile strength of 2 MPa, the compression force that may be
sustained by the bar is 2.5 kN. This, for a ®12 bar, corresponds to a compressive stress equal
to just over 21 MPa. If stirrups parallel to the compressed bar are present in the joint, then the
yield force of the stirrups crossing the diagonal splitting plane should be added to the cone
pushout strength in determining the bearing capacity of compression reinforcement.
(Similarly, the dowel strength of orthogonal bars crossing the splitting plane should also be
accounted for in determining the cone pushout strength).

b

L
-

I

b

(a) (b)

(c)

Fig. 4-37: Cone (wedge) splitting failures in various old-type joints

It is evident that exterior connections with smooth bars anchored within the joint panel
with a hook oriented normal to a free face of the joint will inevitably mobilise the cone
pushout failure mentioned in the preceding when the hooked bar is compressed (Fig. 4-37).
Under cyclic loading, this process will occur early (at a low applied moment, according to the
bar stress levels calculated in the preceding). Once the splitting plane forms, the bar slides
freely when in compression, causing dramatic strength deterioration for the entire connection.
Naturally, this response differs substantially from that of joints with modern detailing and
cannot be quantified even roughly by the familiar models reported in the literature for beam-
column joints. The margin of difference is illustrated in Fig. 4-38, which outlines the joint
shear strength envelope as a function of shear distortion in joints having various degrees of
boundary restraint.

Calvi et al. (2001) conducted experiments on various types of beam-column joints using

scalled specimens having the
reinforcement detail shown in Fig.

Tee joint and Knee joint undes 4-37. For T-joints they observed
0.5 T opening moments deformed bars that joint cracking typically
3, . : -
o (Priestley. 1997) occured first under positive beam
g o4 moment due to the reduction of
2 e i e o e axial force for this dircction of
CC jomnt under Clusimg : :

£ sl moment ormed b * response, whereas dilation and
s (Prestley, 1997) spalling of cover occurred in the
g o2 Tee jomt with hargad hagks and  1C¥E1S€ direction of bending. The
-g IR / smooth bars (Proposed curve based shear degradmg m_echamsms
= ~ . on experimental results) (COI]CI'CtC wedges m these

E 0.1 [ Observed first diagonal ™~ __ specim sh d ¢ rticularl
n:- crocking of Tee-joint Y p ens s .OWC d. particularly
spacimens brittle behaviour with a sudden
0 ' . L . and sevcre joint shear strength
° 0.0007 00014 0.0021 0.0028 reduction after first diagonal
Joint shear deformation v (rad] cracking. The combined action, at
. o altcrnating  half cycles of a
Fig. 4-38: Qualitative plot of shear strength vs. shear distortion concentrated compression force at
envelopefar Variousjoint types (Calv! et (112001) the beam bar end_hook anchorage
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and of the diagonal compression strut within the joint region, inhibited any alternative sources
of shear transfer in the joint region.

4.6.7 Definition of bond index (BI) as an assessment parameter

Damage reconnaissance reports from the performance of highway bridges during the
Loma Prieta (1989) and Northridge (1995) earthquakes in California have highlighted several
problems in older-type beam column joint construction attributable to excessive bond
demand. Poor joint performance was marked by cover splitting over large diameter beam bars
having small anchorage or lap lengths beyond the bent, and by lack of stirrups representative
of bridge detailing practices of the 1960’s and 70’s. In addition, because design was geared
towards elastic response (strength rather than ductility), large amounts of primary
reinforcement were used without adequate stirrup confinement. In some failed joints, the
closely spaced, large diameter main bars formed a plane of weakness leading to through-
spalling of the cover layer. Concrete crushing under the main bar 90° bents caused splitting of
the joints along a vertical plane (the crack plane run parallel to the plane of action of the joint
between main bars). In many cases the effects of inadequate detailing were compounded by
the low redundancy of the bridge frames.

Earlier analytical and experimental studies of interior and exterior beam column joints
have highlighted the significance of bond demand as a measure of joint vulnerability (Kurose
1987, Bonacci and Pantazopoulou 1992). In the remainder, bond demand is quantified by a
non-dimensional parameter known as Bond Index (B.l, Otani 1985, also Kitayama et al.
1991). The Bl is defined as the mean bond demand along the total available anchorage length
past the critical section, required to sustain yielding of the primary reinforcement at the
critical section, normalized with respect toVf. By definition, BI is inversely proportional to
the available anchorage length of the bar, therefore, larger values of Bl suggest increased risk
of anchorage failure:

BI= 1> -

@ Ty
ﬁf “%ﬁi (4-40)

where L;, is the total length of the bar from the point of entrance into the joint up to the end of
the bar, ® the bar diameter and fy the nominal yield strength.

Another dimension of the same problem prevails when considering that bond demand is
related to joint shear stress; from eqs. (4-27), (4-29), and considering that bond demand
depends on the total surface of all tension rcinforcement, it may be shown that:

ViV,
n Y oL,yf, (4-41)

for interior and knee joints (under opening moments) and
*®

B

V.
1= ’
Y oL,yf, (4-42)

for knee joints under closing moments. In the above, 2>® is the sum of all bar diameters that
are part of the tension reinforcement.

From analysis of several published beam-column connection tests conducted under
repeated deformation reversals it was concluded that values of Bl in excess of 1.65, 0.85 and
0.5 (for 420 MPa steel and interior, exterior and knee joints respectively), were associated
with anchorage failures of the primary reinforcement. As a rule, specimens having values of
BI less than the above limits did not fail in the anchorage region, while sustaining rather high
joint shear stresses. From egs. (4-42), (4-43) it is evident that the bond demand is linearly
related to the joint shear demand; thus, in order for the BI to maintain low values, whereas the

B
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joint sustains high shear stresses, it is essential that the available anchorage lengths are rather
extensive. Such a practice is not common in neither new nor old construction; however this
point has been proven experimentally in the knee-joint tests by Bai and Luo (1988).

Note that in beam-column cases with high BI values, reversal of loading accelerates and
exacerbates the loss of bond in the lead-in length of the bar (i.e. along the straight portion of
the bar anchorage). At large drifts, bond may be considered nonexistant in this segment, so
that the bar force may be taken constant up to the point of the hook bent (i.c., up to the node
of the equivalent strut and tie model depicted in Fig. 4-32). Therefore, development of the bar
force occurs along the bent portion of the hook, as well as through bearing of the hook on

concrete.
- Ts2 boenes _’TSZ (:C
e N N
Mud C‘ = +
red Tsl'Ts2.
pre— e »T 2 M r- oo 0o Qummmm—p-
Ta M=0, M=Mm’,
N=2Tg N=-2T,,

red

Fig. 4-39: Calculation of the reduced moment capacity, M, due to slip of
primary reinforcement

A note of caution is called for at this point: in the context of a capacity based prioritising
of failure, eq. (4-40) may lead to erroneously high values for the BI, as it presumes that
tension yielding will occur in the beam reinforcement, therefore implying anchorage failure.
However, in old-type reinforced concrete frames, occurrence of weak column-strong beam
connections is not uncommon. If the plastic hinge forms in the column, with the beam
reinforcement remaining elastic, then the actual bond demand may be much lower than the
nominal value given by eq. (4-40). In this regard, egs. (4-41) and (4-42) may be considered
more general, because the joint shear can be calculated from the moment transfer occurring in
the joint (eqs. (4-23)-(4-25)) without reference to the state of the adjacent members (i.e.,
whether yielding occurs or not and in which member it prevails).

Particularly relevant to the case of interior joints are the consequences of excessive bond
demand on the moment transfer capacity of the connection: after few cycles of inelastic lateral
drift, bond degradation may be so extensive, that the bond capacity of the bars within the joint
no longer suffices to support reversal of stresses from one face of the joint to the next, as
required by equilibrium (i.e, tension on one face, compression on the other face, Figs. 4-30, 4-
33). More accurately stated, the problem is that under poor bond conditions, slip of the bars
occurs within the joint, whereas the ideal anchorage point of tension reinforcement occurs in
the adjacent span, outsidc the joint. Hence the “plane sections remaining plane” assumption
used to calculate the flexural properties of the critical beam sections adjacent to the joint is no
longer valid with regards to the reinforcement. The beam “compression” reinforcement on
one face of the column may actually be in tension, leading to significant loss of flexural
strength. (Moment capacity of the affected beam section equals that of a singly reinforced
cross section, subjected to simultaneous axial compression equal to twice the amount of
residual tension force carried by the compression reinforcement and having an effective area
of tension steel reduced from the actual amount by as much as the area of compression
reinforcement, Fig. 4-39). In this case the connection becomes a source of flexibility for the
entire structure, impairing the total ductility and energy dissipation capacities of the system as
a whole. The same behaviour occurs when bond conditions are intrinsically poor, such as for
example in old-type connections with smooth primary reinforcement (Calvi et al. 2002). This
particular problem is addressed in greater detail in the following Section (4.6.8).

At this point it is relevant to note that, due to the high shear forces acting on all members
of the connection (in the plastic hinges in beams or columns and within the joint panel), and
considering the familiar effect of shear causing tension on all reinforcement available in
disturbed regions, it is practically very difficult for reinforcement to act as compression steel
in the manner prescribed by a theoretical moment-frame analysis, even if the anchorage
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conditions were favourable (Vecchio and Collins 1986, Pantazopoulou and Bonacci 1994). It
therefore remains an unresolved point whether compression reinforcement under any
circumstances would ever attain the stress levels calculated from conventional flexural
analysis of the beam critical sections.

Recognizing the significance of bond demand on joint performance, Priestlcy et al. (1996)
link joint detailing requirements to successful development of the yield force of primary
reinforcement in the joint panel. Using the shear friction model reviewed in Section 4.3, the
anchorage capacity of a primary bar after the development of splitting cracks is obtained from
the clamping action provided by orthogonal stirrups (or hoops). A tensile strain of 0.0015 is
set as a limit to the transverse steel function, for beyond this strain level concrete dilation is
considered too excessive to effectively support any frictional action. Therefore, the area of
required transverse reinforcement is given from:

T,\' = er fy.\‘l ’ n.\‘lirmp,c (4_43)

where T, is the tension force in the adjacent critical section (overstrength value), to be
developed in the joint, ryirm,, is the number of stirrup layers crossing the bar, u the cocfficient
of friction (taken as 1.5), A, the area of stirrup legs along one direction of restraint and f the
yield stress of stirrup reinforcement. According to Priestley et al (1996), as effective are
solutions whereby the required stirrups calculated by eq. (4-43) are provided in various
alternative schemes (either parallel or orthogonal to the bars being developed), so long as they
confine the diagonal strut in the joint; this is valid even if stirrups are located outside the joint
core, confining the region where the diagonal compression strut experiences a sharp change of
direction.

4.6.8 Modeling anchorage forces along smooth bars

In modern construction, the use of deformed bars, combined with the practice of
dimensioning the beam section depth as a multiple of the column bar diameter, usually
regulates bond demand in the joint core within acceptable bounds. In old construction, where
smooth bars had been used, friction along the concrete-bar interface is the only bond
resistance mechanism available, known to supply low bond strength and fast decay upon load
reversal. In assessment, the frictional model is used to describe and quantify the development
capacity of reinforcement that has undergone bond deterioration through the joint core, both
for smooth and deformed bars.

In the model originally proposed by Moehle et al. (1994) and adopted in the FEMA 273
and 356 document, the frictional force developed along the length of embeddment of a bar
through the joint is related to the clamping action of normal reinforcing bars. For example, in
the case of a beam column joint where beam bars do not have adequate anchorage length into
the joint, the stress in the adjacent longitudinal column bar determines thc magnitude of
clamping action: the higher the tension in the column bar, the lower is the clamping force on
the beam bar. The beam bar development capacity (in units of stress) is assumed linearly
related to the column bar tension stress through the following empirical relation (also see

Section 4.3):
w 10Yf L .
fs"”“"’:——o\/; > -(350— fs“"“’“")Sf, (MP2) (4-44)
The column reinforcement stress, £;°“™, used in eq. (4-44) may be obtained from flexural

analysis of the column section.

Using the frictional force concept, Calvi et al. (2001) evaluated the forcc that may be
supported by the anchorage through the beam-column joint of horizontal smooth beam bars,
from the compressive resultant in the compression zone of the adjacent column cross section.
The same approach may also be used to evaluate the anchorage capacity of column
longitudinal reinforcement through the joint. Here the problem appears to be in column
reinforcing bar sections directly under the joint, having anchorage arrangements as depicted in
Fig. 4-40. Whereas ideal anchorage conditions are secured by the hook in the bar segment
above the joint, at the lower level compressed longitudinal column bars are actually in tension
due to slip in the joint. Transverse compression to the column bars occurs within the joint,
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over a segment x, that corresponds to the depth of compression zone of the adjacent beam.
Hence, the maximum frictional force that may develop along the column longitudinal bar
within the joint height equals:

N, =p-0_-x, P (4-45)
where s the coefficient of friction and o the average concrete COmPressive Stress within the
compression depth of the beam cross section. To yield the bar by frictional support only, Ny
must exceed F, v:fyﬂd?zM. Normalizing all terms of eq. (4-45) with F,, the above simplifies to:

&zﬁlu.cc.xb=4p.afc-§bdb___4au§bd_b'_fc_:‘3 (4-46)
F f,@ f,® ® f,

y

Therefore, the corresponding bar force bellow
the joint is Fy-N= fiwd?, i.e., the residual bar
stress 1is, ﬂ-:lgfy=7z¢2fy( 1-p). It follows that
k=1- B Coefficient k assumes a range of
values depending on the bond conditions
ot through the joint: the thcoretical limit is k=-1,
T which corresponds to perfect bond conditions
o otol bond force ) (not attainable in the critical region below the

M1 joint based on the mechanics of cracked
reinforced concrete in shear, as discussed in
' ] the preceding). Depending on the degree of
\_,;“‘”"""”' bond deterioration, coefficient k will attain
positive values, the upper limit of k=l
PR corresponding to complete elimination of
friction (for u=0, =0 from eq. (4-46), i.e., no
bond is available).

The reduced moment capacity of the
N column section below the joint may be
estimated if the axial load ratio is given and
Fig. 4-40: Column bars anchored through the joint, ~ the bar force that can develop in the
terminating in hooks( Calvi et al. 2002) compression reinforcement is resolved as
described in the preceding (Calvi et al. 2002,
Hakuto et al. 1999). The conscquences of the reduced effectiveness of compression steel were
discussed in Section 4.6.7 and relate to loss of flexural resistance of the affected member
cross section in the order of 20-30%. In this regard, neglecting reinforcement slip may prove
unconservative; a conventional analysis of the column would suggest the section below the
joint to be stronger than the one above the joint, due to the axial load increase in the section

below the joint from the gravity force transfer of the diaphragm.

!'ui-l‘l-‘l-h)y A

My, c <«

joint details (axial load|joint shear Intenor joints: other joints:

ratio>  |demand/supply ratio |shear angle (radians)® |shear angle (radians)

d e c d e c

Conforming |<0.1 <1.2 0015 (003 0.2 0.0l 002 102
details' <0.1__ [>15 0.015

>0.4 <1.2 0.025 0.02

>0.4 >1.5 0.02 0.015
Non- <0.1 <1.2 0.005 0.005 |0.01
conforming [<0.1 21.5 0.015
details >0.4 <1.2 0.0 0.0 0.0

0.4 21.5

"Conforming is a joint having closed and well-anchored hoops or stirrups, with spacing not
gxceeding one third of the column cross sectional dimension in the plane of action.
Parameters are defined with reference to Fig. 4-41.

Table 4-5: Parameter values for the limit-state model adopted in the FEMA 273(1997) guidelines for
assessment of existing beam-column joints.
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4.6.9 Limit state models for assessment of joint behaviour

Joint design according to the established codes of practice is centred on the estimation of
demand and supply in terms of shear stress and bond. An intrinsic weakness in this approach
is lack of emphasis on the magnitude of deformations that would be required to develop in the
joint panel at the design limit state. Therefore it is truly not evident whether the amount of
joint distortion associated to attainment of nominal strength in the joint can be realized, nor is
the extent of corresponding damage in the joint explicitly stated. Yet, it is established from
experimental results that the magnitude of joint deformation can serve as an indicator of
performance of the connection as a whole, or of its individual components (Pantazopoulou
and Bonacci 1994).

Assessing performance of existing (old-type) connections depends even more on
definitions of acceptable damage levels. An established practice is to quantify damage in
terms of critical joint drift due to distortion, associated with milestone events in the joint (such
as cracking, yielding, concrete crushing, etc.). Therefore, a limit-state model for use in
assessment of existing connections should reflect the dependence of strength on deformation
and should represent the pattern of strength degradation with imposed drift, qualitatively at
least. One such model, depicted in Fig. 4-41 is adopted in the FEMA 273/356 Guidelines for
assessment of existing construction. The model parameters are listed in Table 4-5 for both
“conforming” and “non-conforming” joints (i.e., joints having old-type reinforccment details,
non-conforming to modern standards for earthquake-resistant construction).

In the model, d represents the shear
deformation angle at peak strength,
taken as 0.005 for non-conforming
joints in general, e is the shear
distortion at the collapse level, taken
as 0.01, whereas a higher value is
allowed in interior joints. The
residual strength ratio, ¢, is taken 0.2
in general and zero in the case of
exterior joints with a high axial load.

An alternative limit state model for beam
column joints, originally developed by Priestley
et al. (1996), has been revised by Calvi et al.
shear angle (2002) to include old-type joints with hooked
anchorages, which, as discussed in Section
4.6.6, are susccptible to premature, spurious
failure modes. The model, illustrated in Fig. 4-
42, regulates joint strength as a function of drift.
Note that it differs fundamentally from the model of Fig. 4-41, which is a component

response curve (Fig. 4-41

shear force to shear
o

strength ratio

Fig. 4-41; Limit State model for beam-column
Joints

0o 7| plots the shear-stress vs.

o Heam bars bent inki joint -4  shear distortion envelope for

72 0.4 1 Priestley. 1997) the joint panel). Nominal
by —| strength of old-type joints is
2 Beamvhars hv:m‘a\\'ny from joint | taken equal to the concrete
5 03 (Priestiey. 1997} contribution according with
§ Beam bars with end haoks T g]:CO?nCIT{éﬁgifl:l}inSBSZ (lg(zgg
R = B (proposed | Section 4.6.5(a)), i.e., 0.29Vf,
8 lncr;,.k..%' - (MPa) or 042Vf. (MPa),
€ 01 % - depending on the anchorage
o o2 T 4 conditions of beam bars
0 pt | | through the joint; this amount

0 0.01 0.02 0.03 0.04 isf SBS_;gi‘;edSUP to ?’ jginl d(liift

; - of 0.75%. Strength degrades

Joint rotation [drit] . to 0.1Vf, (MPa) %or a d%’ift of

Fig. 4-42: Qualitative plot of shear strength vs. shear distortion 2% and is completely lost at

envelope for T-joints (Calvi et al. 2001) 4% drift. According to Calvi
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et al. (2002), in the case of poorly detailed exterior joints with hooked anchorages, the
reference strength value should be limited to 0.2\ffc (MPa) up to a drift of 1%, with sharp
degradation ensuing at higher drift levels.

Lehman (2001) developed further the FEMA 273 limit-state model, seeking.to express
joint performance in terms of engineering parameters. The motivating research objective was
to provide evaluation tools for estimating the effects of high drift demand on gravity load-
carrying capacity of the column and the influence of column axial load magnitude on joint
shear capacity.

To this end, Lehman (2001) examined analytical and experimental evidence from tests on
connections representative of older detailing practices, in order to establish the influence of
the main design parameters on joint strength and deformation capacity (such as axial load
ratio, input shear, joint reinforcement, transverse beams, and slabs). From the results of the
investigation it was concluded that the level of joint shear stress and the displacement history
had the largest influence on connection behaviour. Of several alternative load histories that
were examined, most severe strength dcgradation was observed in specimens subjected to
three symmetric cycles of load at each dnift level. Shear strength of joints without transverse
reinforcement appeared to be determined by several factors, apart of concrete material
strength and drift history, including beam bar yielding, column bar confinement and
displacement history.

Damage as an indicator of performance, was most affected by the magnitude of input joint
shear stress; maintaining shear stress levels below Vf, (MPa) for both interior and exterior
joints was an effective means of curbing excessive joint distortion, column slip, and beam bar
pullout (Lehman 2002). Note that the shear stress limit set by the FEMA 273 (1997)
Guidelines is \ffc, 0.83f,, 0.67\/fC , and 0.5\/1‘c (MPa) for interior and exterior joints with and
without transverse beams, whereas the corresponding limit for knee joints is 0.33Vf, (the
values listed are for non-conforming joints).These provisions are linked to joint shear
reinforcement only (i.e. the strength values for all joint types, listed above, correspond to low
volumetric transverse reinforcement ratio in the joint, ps<0.3%, whereas for higher
reinforcement ratios allowable joint shear stress limits are increased by 33-50% for interior
and by 100% for exterior and knee joints).

Confirming earlier studies by other investigators, Lehman (2002) reported that axial load
had little effect on joint shear strength (at least in the case of exterior joints) and a profound
influence on deformability (Bonacci and Pantazopoulou 1992). Maximum nominal joint shear
stress occurred at a joint shear strain in the range of 0.0035-0.0045 for n,=0.1, and in the
range of 0.003-0.0035 for n,=0.25. With reference to Fig. 4-41, the proposed values for
parameters d and e were, 0.024 and 0.032 for n,=0.1, and 0.015 and 0.025 for n,=0.25, thus
significantly greater than the corresponding values of Table 4-5 for non-conforming joints.
Values for parameter e corresponded to 50% strength loss. Based on 1solated beam-column
connection tests, it was found that stiffness degradation caused a reduction in the axial load
magnitude from its initial value, ranging between 10% and 25% towards the end of the test
(this may not be necessarily relevant in real structures, where gravity load is statically
determinate from the tributary area of any given column). Crack widths in the joint panel
increased almost exponentially with drift magnitude.

Governing parameters that

14 corresponded to milestone
Spaling damage states were found to be:
Cancrens 1) drift, 2) joint crack width, and
3) joint shear strength. In a
TEST# refined version of the limit-state
model of Fig. 4-41, Pantelides et
al. (2002) (also summarised by
Lehman (2002)) proposed using
five rather than three damage
levels, so as to characterise the
state of the joint panel by discrete
values for the three salient
parameters mentioned, as

Fig. 4-43: Experimental curve defining performance limit illustrated in Figures 4-43 and 4-
states for joints (Pantelides et al. 2002) 44. In turn, these values may be
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interpreted with regards to engineering decisions as to the repairability of the joint:
o Levell: first yield (0.5%-0.75% drift),

e lLevelIl: onset of joint cracking (0.5%-1% drift),
¢ Level III: formation of a joint shear mechanism (1.5-1.9% drift),
e Level IV: spalling of concrete (2.5% drift),
e Level V: total loss of gravity load (2.5-3.5% drift).
Therefore, with reference to Fig.
. 4-43 and 4-44, between the elastic
4 i?"l:lﬁ‘jm limit and the plastic state, 8, and 6,
r.P Spalling Effecr of Cyeling two damage levels are identified,
e injectable residual crack widths and
¥, 4 joint spalling. The gravity load
oint Loss of Giravity. carrying capacity of the member is
Cracking Load Carrying Capacity lost at drift levels exceeding 6,
- Joint shear strain at yield (sudden
1 slope change, 6, in Fig. 4-44) appears
. — — , to be in the order of 0.006-0.008
6. 0 0. 8 radians. This information is essential
’ P € in applying the limit state model of
Fig. 4-44. lIdealized Limit-State model for beam - column either Fig. 4-41 or Fig. 4-44 in a
joints (Lehman 2002) performance-based  context. It

complements the FEMA 273 (1997)

provisions for joint shear stress limits,
in that no guidance was given originally in the Guidelines as to how to determine the initial
joint stiffness, other than that the failure point is obtained from the yield point by a positive
slope at 10% of the yield stiffness.

Ideally, the inelastic rotation values corresponding to thc various performance levels in
either of Figs. 4-41 and 4-44 ought to be specified in terms of drift history indices: This point,
according to Lehman (2002), ought to be a driving objective in future analytical and
experimental studies of old-type and modern beam-column joints.

4.6.10  Calculating deformations at milestone events of the limit-state model

A weakness in the limit-state models presented in the preceding is in the empiricism
necessarily attached to milestone deformation or drift values. Whereas strength can be
estimated through mechanistic models that reflect at least qualitatively the rolc of important
design parameters on strength demand and supply, the corresponding deformation values are
prescribed. Therefore the possible dependency of these response indices on component
characteristics is lost in the process.

Of course, under no circumstances should one be misled to think that deformation
estimates derived from rational mechanistic models necessarily carry a much greater level of
confidence or accuracy as compared to the empirical values. Yet, closed form expressions for
calculating 0y, 8, and even 0. and 0, (Fig. 4-44) are valuable, despite their pitfalls, because
they convey the underlying physical link between basic properties and resulting response. In
this regard, the model formulated for beam-column joints by Pantazopoulou and Bonacci
(1991) had already established a procedure for calculating stress and deformation of the joint
throughout the range of response up to failure. The resulting response curve extended to the
range of full inelastic joint action, it was therefore in itself a limit-state envelope. The model
was subsequently complemented by Bonacci and Wight (1998) by including closed form
expressions for the drift contributions of the various elements in the beam-column connection,
including the joint. The importance of this point cannot be overemphasised, particularly
because there exists a certain degree of ambiguity in international literature as to which
deformation index is used in the limit state model. (IFor example, the x-coordinate in the
models of Fig. 4-42 and 4-44 are different, the first being storey drift and the second being
joint panel distortion).

Storey drift comprises contributions from deformations in beams and columns, rotation
due to slip of reinforcement and joint panel distortion. Results from many beam-column
conncction tests have illustrated that joint distortion increases sharply after hoop yielding;
restraint to joint volume growth is greatly diminished, leaving concrete susceptible to low
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cycle fatigue and rendering diagonal compression failure of the joint core the yr}ost'lnkcly
event to follow. Upon hoop yielding the joint becomes a source of flexibility in the
connection, effecting pronounced softening of the overall frame assembly under cyclic load
(Pantazopoulou and Bonacci 1994, Bonacci and Wight 1998). N .
Prior to joint stirrup yielding, the joint is assumed elastic, therefore the joint shear strain
may be determined from the joint shear force and the shear modulus of concrete (Bonacci and
Wight, 1998):
\J 2M, /L

)

G,b.h.h,  Gbh h,

Y, (4-47)

_ Y
GJ'

The corresponding shear stiffness of the joint, G; = E/2(1+Vv), where E, the secant modulus
of concrete (corresponding to the level of compressive strain) and v its Poisson ratio (a secant
value may be used at the same level of strain). Joint shear strain, j, contributes to storey
lateral displacement by an amount 4; according to the following expression (Bonacci and
Wight, 1998):

h, h,

Aj=yH1-22-29) (4-48)

To approximately calculate joint shear stress and effective modulus at the point of hcop
yield the following procedure is used (Pantazopoulou and Bonacci 1991):

ield 2
i phf .h ield 1 V_)i( €, €, tan- 0
v =230 e =g (=0.002);8, =—— -n,); €, =—2——
) tan® " ( ) Ep, (tanO ) 1-tan’®
2 yeu 1+1/ /E @)
. - v + € -
jneld = (Bv 82) : j - iield : [an4 0 mrph +t n2 0. n Ny c -1=0
tan © Y; 1+1/m.p, (I+mp, )m.p,

In the above, subscripts £ and v correspond to the horizontal and vertical axes
respectively; € is strain, 0 the angle of inclination of principal stresses (and strains) measured
from the horizontal axis, m, is the ratio Ey/E,, where E; the elastic modulus of steel and E. the
secant modulus of concrete (usually, for the conditions at hoop yielding it is taken as 2f./€,
€co being the axial compressive strain at peak stress). Reinforcement area ratios, py, and p,, are
calculated as prescribed in Section 4.6.4(b) (see also Pantazopoulou and Bonacci 1991).

After yielding of joint reinforcement the pattern of deformation in the joint changes
dramatically. This occurs for values of shear distortion >y, The angle of principal
stresses becomes: tanO=(pyfy+ny)/v;.Equilibrium and compatibility equations in the joint panel
may be solved, using as controlling parameter either the hoop strain, g, > &’ “"'d, the joint panel
distortion, y;>y"*, or the joint shear stress, v Average verical joint stress, O, average
principal compressive stress, 62, and hoop strain, €,, are obtained from the joint shear stress,

Vj, as:
o =——-—Vz——‘ 6, =—p,f —n —L-
Yopf,m, YO puf, +ny
_1+lU/mp, n, /E, . Puf, +n, (4-30)
" E.p,f, +n, I it m,p,[p,f, +n, ] YiTTTE,

Therefore a dramatic increase occurs in the values of o, G5, and €, for small increases in the
value of joint shear after yielding of the hoops, since all other terms in eq. (4-50) but v; remain
constant after hoop yielding. The next event is expected to be either yiclding of vertical
reinforcement in the joint, or crushing of the diagonal compressive strut. Thus, joint shear
strength is the minimum of the corresponding shear values associated with those two
mechanisms of failure (eq. 4-39).

Shear distortion corresponding to the prevailing failure limit state is found from the basic
compatibility requirement:
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- 2(81 —Eh)

i = = 2(e, —€,)tan® ; g, +€,6 =€ +E, (4-51)
where &, is found from eq. (4-50) for the corresponding value of shear strength (either vjmaxi
Or Vjmax2), and the associated strain (either yield strain in the vertical steel, €,=0.002 or peak
strain in the diagonal compressive principal direction, €;=0€,). Because cquilibrium and
compatibility relations are valid throughout the range of response (i.e. egs. (4-33)-(4-34) and
(4-51)), the softening branch of the limit state model may be also approximated by solving the
above set of equations for even higher values of shear strain Y;>Yjmix (Bonacci and
Pantazopoulou 1992), whereby in the absence of joint reinforcement, the post-peak branch is

basically controlled by the behavior of concrete in compression past the peak point (Vecchio
and Collins 1986).

4.6.11  Relevance of joint damage and collapse on global frame behaviour

In order to determine the consequences of joint damage and collapse on the seismic
performance of existing frame systems with structural inadequacies typical of gravity load
design, it is often necessary to explicitly model joint flexibility in the frame idealisation used
in time-history or pushover analysis. In this regard, an equivalent moment-rotation spring has
been traditionally used to simulate joint flexibility in inelastic frame finite-element analysis.
The moment-rotation envelope of the spring may be derived directly from the limit state
model, by consideration of the relationship between joint shear stress and moment transfer
occurring in the connection (eq. (4-23)-(4-25). Thus, the vertical axis in the moment rotation
envelope is obtained by multiplying the corresponding axis of the limit state model by the
area of the joint and the column height, whereas there is one-to-one correspondence between
the values in the rotation/deformation axis.

Joint shear damage can be assumed to correspond to the development of a “shear hinge”,
which is activated by shear behaviour and not by flexural behaviour. The post-elastic response
of that hinge is not ductile, exhibiting the marked strength degradation pattern past the peak
illustrated by the limit-state models of Figs. (4-41)-(4-44). In cases of assessment, the
possibility that a shear hinge might develop ought to be considcred. From analytical studies of
old-type frames using this modelling procedure Calvi and co-workers demonstrated the
following points (Calvi et al. 2002):

¢ Joint damage was found to relieve some of the rotation demand from the adjacent
columns, in somc cases even delaying the formation of a pure soft-storey mechanism,
without amplifying the global displacement demands.

e The favourable effect on adjacent structural members (due to reduced demand) is
obtained at the cost of increased deformation demand within the joint panel. However,
the local ultimate joint deformation capacity could limit the benefits of a shear-hinge
formation.
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APPENDIX 4.A:

Calculation of yield curvature and moment

Panagiotakos and Fardis (2001) defined the yield curvature @, as the point that marks
onset of nonlinearity in the moment-curvature diagram (owing to either yielding of tension
reinforcement or nonlinearity in concrete — for compressive strains exceeding 90% of the
strain at peak stress of uni-axially loaded concrete):

g, L8f,

<

_ f
b R R (Ad-1)

The czorgesponcliing compression zone depth at yield, xy, normalized with respect to d, is:
Ey=(a"A +2aB)*-0A, in which a=EJ/E. and A, B are given by the following cquations,
depending on whether yielding is controlled by the tension steel or by nonlinearity in the
compression zone:

N ) N
, B= Pst +p5282+0,5pv( 1 +52)+

A=pgi+potpot
Pttt et bdf

(tension steel yiclding)
Y

A= Ps1+Psz+pv--lT§g , B= psi+ps202+0,5p,(1487) (nonlinearity in the compression zone).

c

where p;; and ps; the area ratios of tension and compression reinforcements, p, the area ratio
of distributed longitudinal reinforcement, 8; =d/d (d; is the distance of the extreme
compression fiber to the centroid of compression reinforcement), N the axial load
(compression positive). Concrete  Modulus  of  Elasticity is taken as
Ec=0.85x2,15x- L0*(f./10)"".

The corresponding yield moment, M,, was estimated by Panagiotakos and Fardis (2001)
using the following expression:

2
—L= (P)'{Ec %[0’5(“'52)‘%]‘*%l:(l“gy)’sl +(§y ‘52}352 +£6v'(1‘52)](1‘52)} (A4.2)

Similar is the calculation of the nominal flexural strength M, (replacing &, by &,).
Calculation of ultimate strain capacity of confined concrete

A variety of expressions are available in international literature for calculating the ultimate
strain capacity. Frequently used models are: the expression by Richart et al. (1928) modified
to represent strain at 85% drop of peak strength and the model of Mander et al. (1988a) in its
original or modified forms (the latter was proposed by Fardis and Panagiotakos, 2001).

Richart et al. (1928):
Fou

fo=f +410, - f.(1+2%kp,, I )
(4] f rr 0 f yst 0 f yst
Ereu =E0 (14 S(T -1))=¢€,(1+10k,p,, T) =0 (1+20k,0, ,, i ) (A4-3)

Mander et al. (1988a):

foo = f;[—1.254+ 2254 J1+7.94

0.5keps‘,,fys, _ kepsfysl .
. fe
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Pstr f yst

Epey =0.004(= 2,) +1.4¢,, (Ad-4)

cc
Modified Model of Mander et al. (Fardis and Panagiotakos, 2001):
From calibration of 277 flexural tests at the reported failure point, where the value of the
failure curvature ¢, has been measured, best fit was obtained using the following expressions
for failure stress and strain of confined concrete:

6.0, =0.004 1068, 2 Ir (ags)

cc

0.87
M] -

et 1+3.7[
fe

in which &, and p,,, are the failure strain and volumetric ratio of confining stcel. With this
choice 277 test data on ¢, were fitted with a median for the ratio of predicted-to-experimental
value of 0.99 and a coefficient of variation of 73% (the authors report this to be the best fit
among various alternative calculations of €, in the literature).

Confinement effectiveness of stirrups (for rectangular sections)
The stirrup confinement effectiveness cocfficient, %, is obtained according to Sheikh and

Uzumeri (1978), also adopted in the CEB/FIP Model Code 90 and in Eurocode (prEN1992-
1:2002), from the following expression (for rectangular sections):

2
k, = (1__SLJ(1__S’_1_J[1_&] (A4-6)
2b, 2h, 6b_h.

with b, h; denoting the width and depth of the confined core of the section, s, the clear stirrup
spacing and b; the distances of successive longitudinal bars laterally restrained at stirrup
corners or by 135°-hooks.

Depth of compression zone at ultimate
The normalized depth of compression zone at ultimate, &,, may be estimated using

interpolation, for a specified axial load ratio N/A.f;, from the following set of equations
(Pantazopoulou 1998):

N-N
if Nbal <N«< Nmnx’ fu =§bat.u +(l_fbal.u )"—L (A4—7a)
Nmax _Nbal
N-N_.
lf Nmin <N<Nbal’ §u =§2+(§b(du-—é‘2)¢ (A4_7b)
‘ Nbal - Nmin

The values of Nuin, Nha, and Npax correspond to characteristic values of the depth of
compression zone for £.,=0.005, as follows:

N, : f
for x=dy,=>&=6,, —M=0720,-—L—[p +p,(1-25,)] (A4-8 a)
Af, (1-o)f,
Npal fy fy
for X = Xpy,=> &pa = 0.64, L = (0,0 — P51 )= +0.462+0.275p, 2+ (A4-8 b)
AC C fC fC
N, . b
for x=d,=> =1, ﬁ=o.ss +f—,(p_‘.2 +0.8p, ) (A4-8 ¢)
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where a the strain hardening ratio of the reinforcement (a=(f,-f,)/f,). With the depth of
compression zone at ultimate, the corresponding ultimate curvature may be obtained, using
the confined compression strain capacity according with egs. (A4-3), (A4-4) or (4-18a), (4-

18b):
£
=< 0,=0,-9¢ (A4-9)
u fu d p u y
Direct calculation of yield and ultimate
® j curvatures
0.035 {

Priestley et al. (1996) conducted parametric
investigations of yield and plastic curvatures ¢y
and ¢p, for poorly confined circular and
rectangular  column  sections.  Maximum
compressive concrete strain was taken as

0.030
0.025 1
0.020 ¢

0.015 ¢

0 €:,=0.003, because at that strain cover spalling is

0.05 expected to occur in the plastic hinge region. For

o010 7 gzég {,7 this value of maximum compressive strain, it is

. 0.005 + 0.30 ‘ suggested that the nominal flexural strength be
. 0.40

Dimensionless Plastic Curvature

taken equal to the yicld strength. Results show
that the ultimate plastic curvature depends
strongly on the axial load ratio, whereas the
longitudinal reinforcement ratio has a less
pronounced influence. Computed values are
given in nondimensional format in Fig. A4-1;

o L—————t—t
0 0.01 0.02:0.03 0.04 0.05 0.06.
Longitudinal reinforcement ratio g,

(a). Circular Columns

r 3 J multiplying the ultimate plastic curvature ¢, by
50077 the plastic hinge length provides an estimate of
® 0.06 4 ultimate plastic rotation, 6,,. The values plotted
E in Tig. A4-1 have been calculated using a
2 0.05 1 concrete  strength f.=35 MPa, and a
% 0.04 | reinforcement yield strength of 300 MPa.
& Plastic curvature values for other material
4 0.03 ' : strengths may be obtained using a modified
2 | N : 305 longitudinal reinforcement ratio, p;™, calculated
5 002 i \/oiw P as follows: p;"=pi(fy/300)(35/f.) where the
§ 10yl TT———u 020 kK subscipt “a” denotes given (applied) values.
g 0.01 0.30 . . .

2 ¥ ~< 040 Values obtained in this manner may be

0 ——

overestimates by as much as 15% for higher
steel strengths, so a correction factor of (.85 is
pertinent in such cases.

Calculated yield curvatures were found to be

0 0.61 o.bz 0.03 0.04 0.05 0.06
Longitudinal reinforcement ratio p

(b) Rectangular Columns

Fig. A4-1: Plastic curvature as a function of insensitive to both axial load ratio and
N/Af, and py (from Priestley et al. 1996) longitudinal steel ratio. The following
expressions summarize the parametric results:
¢,D, =245¢, £15% forcircularcolumncross - sections (A4.10)
¢p,h=2.14¢, £10% for fectangu]zr columncross- sections (A4.11)

Similar expressions have been derived by Fardis and Panagiotakos (2001), through
correlation with a large database of test results. The coefficients are slightly different from

th(l)se 01; cqs. A4-10, A4-11, and are classified depending on the type of the member (beam or
column).
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5 Seismic retrofitting techniques
51 Introduction

According to Chapter 1 Introduction repair is defined as reinstatement of the original
characteristics; retrofit, rehabilitation or strengthening imply enhancement of one or more
seismic response parameter. They often include addition of structural elements or a change of
the structural system, whilst repair is restricted to the as-built system. Multiple-effect methods
refer to established intervention methods which affect more than one response parameter, such
as concrete jacketing. Selective-effect methods refer to the use of techniques and mechanisms
to influence one response parameter at a time, with little or no effect on others.

The objective of undertaking remedial work in earthquake engineering is rather simple;
achieving the simple objective is a matter of considerable complexity. The objective is to
ensure that the modified seismic demand is less than the modified capacity. The main
modification to the seismic demand (expressed as deformation or more commonly force) is
the change in the design life of the structure. It could also be argued that the return period of
the earthquake or the probability of being exceeded could be increased in recognition of the
recent occurrence of an earthquake.

The decision as to the level of intervention is complex and is governed by technical as well
as financial and social considerations. Some of the factors affecting intervention policy are:

e retrofit vs. replacement cost;
relationship between level of strengthening and future impact of earthquake damage;
retrofit materials and technology available;
consequences of partial or total evacuation;
duration of the retrofit operation; ‘
restrictions on surrounding space and outlook of the structure;
social, political and/or historical significance;

e requirements of repeatability arid reversibility of the intervention.

Ideally, intervention decisions are taken within a completc framework of cost-benefit and
assessment of the effect of various options. Such a framework [FEMA, 1989] has been
applied to several areas of the USA. The intervention programme also includes decisions on
the level of intervention. These may be one of the following:

e restriction or change of use;
partial demolition and/or mass reduction;
local or global modification of elements and system;
transformation of non-structural into structural components;
modification of the structural system,;
member replacement;
addition of a new lateral load resistance system;
provision of supplementary damping;

e incorporation of passive or active vibration control devices.

It is emphasised that each structural intervention constitutes a special case for which one or
more of the above provide the best solution. Therefore, generalisation of rules for application
in retrofit strengthening is neither possible nor advisable.

5.2 Selection of the retrofit technique (‘“‘Retrofit strategy’)

Section 2.3 of the report has given a broad overview of retrofit strategies and systems. The
present section provides additional general information on retrofit, linking them with the
outcome of the assessment and serving as an introduction to the rest of the chapter. It also
focuses on certain aspects specific to retrofitting of concrete buildings.

The retrofit strategy should be guided by the results of a detailed (preferably displacement-
based) assessment of the building. If the assessment has identified deformation capacity
deficiencies in a few scattered components (member or joints), then a strategy of local
modification of these components or joints is appropriate.

If the deficiencies are concentrated in one part of the structure, they may be due to an
irregularity of the structural configuration: a weak storey or a torsionally unbalanced structure.
Then retrofitting shouid address the irregularity through one or more of the following means:
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a) by strengthening some vertical elements (those of the weak storey or of the weak and
flexible side of the building); b) by adding some new elements, which are strong and stiff
enough to remove or overshadow the irregularity (new shear walls on the weak side of a
torsionally unbalanced building; full-height shear walls to act as a stiff spine and suppress the
column side-sway mechanism); or ¢) by removing material to weaken some elements (e.g.
cutting stecl bars, or coring concrete through the web of deep spandrel beams framing with
weak columns, if this is acceptable for the gravity load resistance of beams). If the structural
configuration in 3D is strongly irregular, vertical joints may even be introduced at selected
locations in plan, to reduce the building into a set of structurally independent but regular units.
Vertical elements should be provided in this casc on both sides of each joint for independent
support of the corresponding horizontal clements. The width of the joint should be enough to
avoid pounding, especially if the parts separated by the scismic joint differ significantly in
height and/or lateral stiffness.

If the assessment reveals a generalized deficiency throughout the building, a more radical
intervention may be necessary, in the form of adding shear walls or bracing systems, or of
upgrading most, if not all, existing elements, especially the vertical ones.

New shear walls or steel bracing systems protect the existing elements by reducing the
global displacements under the “design” seismic action(s) to levels corresponding to the
deformation capacities of the existing components (within the force- and strength-based
philosophy and terminology, these new elements provide most of, if not all, the resistance to
lateral loads). They represent a more cost-cffective strategy than universal upgrading of the
existing components, espccially if disruption of occupancy and relocation of occupants to
another building (“surge costs”) and the demolition and replacement of partitions,
architcctural finishes and other non-structural components are taken into account. New shear
walls, and sometimes the addition of bracing systems, may require, though, an intervention to
the foundation system, which is normally a costly, disruptive and sometimes technically
challenging operation. If interventions at the pcrimeter of the building are feasible, addition of
shear walls or steel bracing at the facades should be favoured over general upgrading of
(vertical) elements throughout the building, especially if occupancy needs to be continued
during retrofitting.

Unless very specific and substantial deficiencies are identified in some beams, upgrading
of existing components may be limited to vertical elements (columns and shear walls),
possibly including their joints with thc beams. Due to the monolithic connection of the beams
with the slabs, upgrading a beam is technically more difficult than upgrading a column or
wall. Moreover, experience from past earthquakes has shown that damage in beams is far less
frequent than in columns and much less important for the global structural stability. Finally,
the design of beams for gravity loads normally provides enough top reinforcement over the
supports (supplemented by the slab bars within a sizable effective flange width) and
substantial shear reinforcement in the form of stirrups closed at the critical bottom side. What
is missing in such beams is continuity and anchorage of bottom bars over the supports and
lack of deformation capacity of the bottom flange in compression. Nonetheless, recent tests
have shown that bar pull-out in positive bending, if it occurs, only increases the lateral
deformations of frames, while beam plastic hinging in negative bending does not always take
place (El Attar et al, 1997, Bracci et al, 1995). After all, jacketing of the columns into which
the beams frame, improves, albeit indirectly, the anchorage of beam bottom bars and the
confinement of the bottom flange of the beam. Last but not least, the main hazard for existing
buildings is posed by too much, rather than by too little, flexural strength capacity of the
beams relative to the columns.

When seismic retrofitting is combined with architectural remodeling and/or a change in
use, seismic upgrading is made casier if heavy finishes, partitions and claddings are replaced
with lighter alternatives and heavy equipment or storage loads are removed, to reduce the total
mass of the building and its global force and displacement demands (in the velocity-controlled
region of the spectrum, where the effective fundamental period typically falls, forces and
displaccments are proportional to the square root of mass). For the same reason, but also to
remove extreme irregularities in elevation, demolition of penthouses and upper storey
setbacks is sometimes worth considering. If the deficiencics identified in the existing structure
are marginal, reduction and removal of masses throughout the building or, in extreme cases,
complete removal of the upper storey(s), may make seismic strengthening of the structural
system unnecessary.
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Regardless of its type and extent, any retrofitting intervention should not impair the safety
or the capacity of any part of the building in any respect, e.g. by introducing irregularities in
plan or in elevation, by shifting the deformation demands to inadequate components or to
other failure modes, etc. The engineer should make sure that by upgrading the flexural
capacity of a component, he or she does riot make it critical in shear, and that strengthening of
beams does not shift plastic hinging to columns. He or she should also give very serious
consideration to the consequences of discontinuing the strengthening, i.e. the new shear walls
or bracing or the jacketing of existing strengthening columns, etc., at a certain storey: this may
result in concentration of damage just above the level where strengthening was discontinued
(for examples see Sugano, 1996 and Nakano, 1995).

Regardless of the particular retrofit strategy chosen, the engineer should check carefully
the existing and the retrofitted structure for what is usually termed “continuity of the load
path(s)”. In other words he or she should ensure the safe transfer of inertia forces from the
masses where they originate to the (primary) elements of the lateral-load-resisting system and
from there to the foundation. This means that any connection within the floor system, between
the floors and the lateral-load-resisting clements and between existing and new components,
should be checked as force-controlled components for the maximum possible forces that they
may be required to transfer. It should be kept in mind that peak inertia forces that may need to
be transferred are proportional to peak floor accelerations and that global strengthening and
stiffening of a structure for seismic retrofitting results in higher response accelerations at all
floor levels in comparison to the non-retrofitted building. Even though they normally consist
of a ductile material, such as steel, connectors and fasteners should be treated as force-
controlled components and protected from yielding, because once they yield they are called to
accommodate significant relative displacements of the components they connect within their
limited size and hence they may soon exhaust their deformation capacity. Connections liable
to be subjected to cycles of tension and compression may fracture under forces below their
nominal tensile capacity, if they have suffered buckling or have been severely deformed in a
previous compression half-cycle. It is also reminded that welded or bolted connections are
inherently brittle and that steel parts in an existing connection which appears adequate in
construction documents may have corroded in the mean time.

Connections between prefabricated elements, especially in diaphragms consisting of
precast units, are potentially weak links in the load path. Thin and lightly reinforced toppings
in precast floors or roofs may already be cracked over seams between the precast units, or may
easily do so during the earthquake and then they may break open. It is difficult and not cost-
effective to assure integrity of a precast floor or roof, topped or untopped, through retrofitting.
Removal and replacement with a proper cast-in-place concrete floor or roof, monolithically
connected to the vertical framing elements, should be preferred.

Cast-in-place slabs are normally considered to provide a continuous load path. One should
be careful though with one-way slabs in old buildings, which may have very little
reinforcement in the transverse (secondary) direction. If required to transfer tensile in-plane
forces, such floor systems may break open through the points of the supporting beams where
the analysis for gravity loads had given zero moment (longitudinal steel in old beam designs
was proportioned without the shift rule and with very short anchorage lengths; therefore most
of the longitudinal top and bottom bars were terminated near the inflection point, as predicted
by the analysis for gravity-loads).

After this listing of general and principles governing selection of a seismic retrofit strategy
and its implementation through the various alternative retrofitting techniques, a more detailed
overview of the most commonly used among these techniques is presented in the next few
sections. The application of base isolation and energy dissipation for seismic upgrading is not
covered in this overview. These two techniques, or rather strategies, are best suited for seismic
upgrading of existing bridges, for some configurations of which they represent by far the best
solution. For existing buildings, however, these two strategies are not cost-effective. This is
particularly so for base isolation, which essentially requires a double foundation system, i.c.
one foundation for the superstructure above the isolation devices and another for the entire
structure below the isolation system. Nevertheless, base isolation can offer not only safety to
the building and its occupants under very strong and rare earthquakes, but also protection of
building contents under any earthquake event. Therefore, for critical or important facilities
required to remain operational during the design earthquake or to be available for immediate
occupancy afterwards, isolation may be the most cost-effective strategy, provided that the
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existing building has low aspect ratio and large stiffness. At any rate, base isolation is a
sophisticated and complex technique and its application requircs not only specialized
expertise but also, possibly, peer review of the design.

To become effective, an energy dissipation system requires development of significant
lateral displacements. So it can only be used in flexible structures, as a supplement of another
system which does not increase significantly the global stiffness: dissipation devices can be
used in parallel to, or combined with base isolation devices, or can be inserted in the braces of
a steel bracing system added to the existing structure for strengthening. However, in this latter
case the displacements needed for activation of the dissipation system are not concentrated at
the base (isolation) level but are distributed throughout the structure, and may cause
significant damage to existing structural and non-structural components. This technique is
also sophisticated and costly, but less than base isolation.

53 Modification of individual members: Multiple effects
5.3.1 Introduction

'If deficiencies in a few components have been identified from the seismic assessment of
the full building, then the engineer may opt for modification of only these components.
Individual existing components may also be modified for improved earthquake resistance
and/or deformation capacity, within the framework of a strategy of global measures for
seismic upgrading, such as the addition of shear walls or of a steel bracing system. In such
cases, modification of sclected members may be deemed as necessary for a uniform and
balanced planwise distribution of the lateral force resistance, or for removing member
deficiencies in gravity load capacity, or simply to supplement the global upgrading measures.

Most retrofit techniques modify at the same time, by intention or unavoidably, more than
one of the properties or parameters characterizing the response of the member: Its stiffness, its
strength (force-resistance), its deformation capacity, its energy-dissipation capacity, etc. These
are the techniques addressed in Section 4.3 of the report. Techniques that modify selectively
and in a controlled manner only one parameter or property of the member, while not affecting
the others, are described in Section 4.4.

As noted in Section 5.2, from the application point-of-view modification of vertical
members (columns or walls) for the purposes of seismic retrofitting is much easier than that of
horizontal members (beams or slabs). Moreover, vertical members are much more critical for
earthquake resistance and stability of the building than horizontal members. For these two
reasons, modification of vertical members for seismic retrofitting is far more common than
that of horizontal components. Furthermore, strengthening of horizontal components is more
of interest for gravity loads than for seismic actions, as it is often needed when a change in use
increases design live loads (imposed or traffic loads). So the techniques for modification of
horizontal members for strengthening purposcs are covered in more general documents, which
do not focus on seismic retrofitting. For all these reasons, the emphasis in the following is on
modification of existing vertical concrete members, and of columns in particular, as
modification of walls is normally harder and less necessary than that of columns.

Before treating in detail the application and design of the various means for modification of
existing columns, for reasons of completeness the subject of repair of previous seismic
damage without strengthening of the element is briefly addresscd within this section. As
nowadays earthquake-induced damage to a building almost invariably triggers upgrading of its
deficient earthquake resistance through global seismic retrofitting, this subject is of interest
only for those members of the damaged structure which are not included in the list of
members to be upgraded, but are just restored to their pre-earthquake condition.

5.3.2 Properties and parameters of monolithic concrete members

The yardstick for the stiffness, strength and cyclic deformation capacity of components
repaired or retrofitted with a concrete jacket, is the behaviour of a monolithic virgin member
with the final cross-sectional dimensions and reinforcement of the modified member. For
reference purposes the parameters chosen to model: a) the secant-to-yield stiffness; b) the
yield strength; and c) the cyclic deformation capacity of monolithic concrete members are
summarized below, along with the quantitative expressions chosen to describe these
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parameters in terms of the geometric and material properties of the member. These
expressions have been developed for members which have: a) compression zone with constant
width b (rectangular), and b) concentration of longitudinal reinforcement near the cxtreme
tension and compression fibres, possibly with additional reinforcement uniformly distributed
between these concentrations of longitudinal reinforcement (web reinforcement). This scope
covers the vast majority of RC members in buildings; not covered are columns with circular
cross-section or — in general - circular arrangement of the longitudinal reinforcement.

= The secant-to-yield stiffness of a RC member is expressed in terms of its cffective

rigidity over the shear span L=M/V:
M

EI
o 36,

" (5-1)

where M, and 0, are thc moment and the chord-rotation at yielding of the member end section.
(It is remmded that the chord-rotation, i.e. the angle between the tangent to the axis at the
yielding end and the chord connecting that end with the end of the shear span, i.e. the point of
inflection, is equal to the member drift ratio, i.e. the deflection of the end of the shear span
divided by Ly).
s The chord-rotation O, at yieldm§ is computed through Eq. (5-2), accountmg for
flexural and shear deformations (1™ and 2™ term) and for bond slip of bars (3" term).
0.25¢ d, f
0, ¢ — +0.0025+a, ——== (5-2)

Yd-d)Nf,

In Eq. (5-2), fitted to 1133 test results, ¢y is the yield curvature, computed from first
principles as described below, fy and f. (in MPa) the strengths of stecl and concrete, dy
thc diameter of tension reinforcement, and d, d’ the depth to the tension and
compression reinforcement, respectively.

* [f yielding of the section is signaled by yielding of tension steel, the yield curvature is:

b
> TE-g) e

whereas if it is due to nonlinearity of the concrete in compression, then:

e 18f
== 5-4
9, = t1 EEd (5-4)
The compression zone depth at yield, &, (normalised to d) is:
£ =(a?A* +20B)"" - oA (5-5)

in which o=EJE; and A and B are given by Egs. (5-6) or (5-7), if section yielding is
controlled by the tension steel or by the compression zone, respectively:

N
. B=p+p8405p,(1+8)+
o p+p 85+0.5p,(1+8) o,

N
= p+ p+p, ~———, B=p+ p'd'+0. ' -
s E.bd p+p+p, L8ahd, p+p8+05p,(1+8) (5-7)

A=p+p+p, -

In egs. (5-6), (5-7) p, p' and p, are the reinforcement ratios of the tension, the
compression and the web reinforcement (all normalised to bd), 8'=d'/d, where d' is the
distance of the centre of the compression reinforcement from the extreme compression
fibres, b is the width of the compression zone and N the axial load (compression:
positive). In this analysis the area of any diagonal bars times the cosine of their angle
with respect to the member axis is added to the rcinforcement area considered in
calculating p and p'.
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The lower of the two values resulting from Eqs. (5-3), (5-4) is the yield curvature.
Then the yield moment can be computed as:

%’; =9, {E 7’2(0.5(1 +6)- %’] + E?[(l —£,)o+(, - 80 %(1 - 5')](1 - 5')} (5-8)

= The mean ultimate chord rotation of flexure-controlled RC members is:

I

0.2 0425
; a, v max(0.0l,a)‘) L, 5[%" 1. ] 10
0 =« (1-038%, ) 1+ (1-0375%, , 03" | ———f, | |==| 25 /(145
ut %‘w( ey )( + 17](1 0 wall )( )|: max(().Ol,a)) f‘ j| ( h ] ( )

(5-9)

in which:

Ly/h=M/Vh: shear span ratio at the member end;

w, ®’: mechanical reinforcement ratios, pfy/fc, of the tension and compression
longitudinal reinforcement (not including any diagonal bars); in shear walls the entire
vertical web reinforcement is included in the tension steel;

f.: uniaxial concrete strength (MPa);

v=N/bhf.: axial load ratio normalized to width b of the compression zone, section
depth h and f;

Psx=(Asx/bysp): ratio of transverse steel parallel to the direction (x) of loading
(sy=stirrup spacing),

a: confinement effectiveness factor, equal to:

a:(l— ul’ J(l— al ][1— 2.b ] (5-10)
26, 2h, )\ 6b.h,

(be, he = dimensions of confined concrete core, bi= distances of restrained longitudinal
bars on the perimeter);

pq: steel ratio of diagonal reinforcement (if any) in each diagonal direction;

ay: coefficient for the steel of longitudinal bars, equal to 0.016 for ductile hot-rolled
steel and for heat-treated (tempcore) steel, or to 0.0105 for brittle cold-worked steel;
acyc:zero-one variable for the type of loading, equal to O for monotonic and to 1 for
cyclic loading with at least one full cycle at peak deformation; -

ag: zero-one variable for the slip of longitudinal bars, equal to 1 if there is slippage of
the longitudinal bars from their anchorage beyond the member end, or to O if there is
not;

awan.  coefficient, equal to 1.0 for shear walls or to 0 for beams or columns.

Eq. (5-9) was fitted by regression to the results of 1048 monotonic or cyclic tests to
failure of flexure-controlled beam-, column- or wall-specimens. The ratio of
experimental values to the predictions has a median of 1.0 and a coefficient of
variation of 46%.

An alternative to Eq. (5-9) is:

6, =

0.25 04 Syw
P, —
By+a_\,,(l-0.46acyc)(1+0.6a3,)(1—0.37511%,,)(0.25”)[2—:(((%]]% f;] (%) 25 F1.550%

(5-11)
With 6, computed via Eq. (5-2), coefficient 0 in Eq. (5-11) is equal to 0.0125 for
ductile hot-rolled or for heat-treated (tempcore) steels and to 0.00575 for brittle cold-
formed ones.
For seismic loading Eqgs. (5-9) and (5-10) should be applied considering cyclic
loading and including slippage of the reinforcement from its anchorage zones beyond
the member ends.

» An alternative to the empirical expressions, Eqs (5-9), (5-11), is:
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| 0.5L
0, =0, +(0, —¢y)Lp,[1_ > pl] (5-12)

in which ¢, is the ultimate curvature and Ly, the plastic hinge length.

Section failure may take place either at the full section level, or at the level of the
confined core after spalling of the unconfined concrete cover. For failure of the full
section prior to spalling, the corresponding ultimate curvatures are:

For failure due to steel rupture at elongation equal to €,:

€

0, = —_su (5-13)
(B

At failure of the compression zone:

0oy = =8 (5-14)

Ead

& and &, in Eqs. (5-13), (5-14) are, respectively, the compression zone depth at steel
rupture or failure of the compression zone, both normalised to d. €, in Eq. (5-14) is the
extreme compression fiber strain when the compression zone fails and sheds its load.
For unconfined concrete €, is approximately equal to 0.004.

Assuming a stress-strain law for unconfined concrete which rises parabolically up to
a strain equal to €. (=0.002) and stays constant up to a strain of €, the plane-section
assumption and equilibrium give for éu:

(1-6) N A +(1+5')pv(fy+f,)
bdf, f. 3¢,, 2 f.

(1—5')(1+ Eeo J+p“(fy+f')
3 ff:

£, =

(5-15)

yu

Steel rupture at elongation &, takes place prior to compression zone failure and
controls the ultimate curvature, if:

_feo
N ‘o™ opfe Py e, (148)-6,,(1-8)
bdfc € tE€qu fc fc (l _Slxesu T Ecu)

(5-16)

For values of N/bdf. greater than the right-hand-side of eq. (5-16), spalling of the
concrete cover will occur and the moment of the section will drop (at least
temporarily). This will take place with yielding of the tension steel if:

(E -—S—‘L]+(£ —4-.") @,
.6 “ 3 “ T (1-6)

—<0-0-——w, + 5-17
bdf, 1-0' E,tE, ©-17)
with w,=p.f,/f; denoting the mechanical ratio of web steel.
If Eq. (5-17) is satisfied, &, for use in Eq. (5-14), is:
(1-8) Xt w-|+(1+6)o,
bdf,
£, = (5-18)

1-6) 1- 22 |+ 20
3¢ '

(if the numerator in Eq. (5-18) is close to zero, p may be multiplied by f, instead of fy).
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For monotonic loading:

L =0.18L, +0.025a,d, f, (5-25)

pl,mon,L,

L,y =0.80+0.025a,d, f, (5-26)

pl.mon,h

in which f, is in MPa and ay is the zero-one variable used in Egs. (5-8), (5-9), (5-11)
for absence or presence of bar pull-out from the anchorage zone beyond the section of
maximum moment. . .
* The yield:- moment, My , the chord rotation, 8, , and the ultimate chord rotation, 0, , of
repaired elements or members retrofitted with concrete jackets, is usually expressed as
a fraction of the corresponding parameters, M,, ny, 0., of a monolithic member with the
o

same external dimensions and reinforcement, as follows:

M, =k M, (5-27)
0, =k,0, (5-28)
8, =ky6, (5-29)

The values of the modification factors ky, ky, ky are not far from 1.0.
533 Repaired RC members

A member may be chosen to be repaired - instead of repaired and also strengthened - if its
damage is judged to be slight or moderate. A member with severe or heavy damage,
consisting of significant disintegration of the concrete core inside the stirrups or ties, and/or
buckled or fractured reinforcing bars, cannot be restored to effectively its initial strength and
deformation capacity with simple repair means and in all likelihood will be chosen to be
jacketed instead.

Commonly repair consists of one or more of the following measures:

» Injection of cracks (with epoxy or grout)

= Replacement of spalled or loose concrete

s Replacement of rebars.

One or more of these measures, as appropriate, are also applied to damaged members prior
to retrofitting with concrete jackets or other techniques, the only differences being that in such
cases fine cracks (in the order of 0.3 mm) do not need to be injected and that replacement of
spalled or loose concrete may be effected with the cast-in-situ concrete or the shotcrete of the
concrete jacket.

Some information about the technology of these measures is given below.

It is noted that there are some issues that cast doubt over the effectiveness and
controllability of thesc techniques, especially for RC structures. In the case of epoxy resin
injection, it is very difficult to ascertain the degree of penetration of the resin into the complex
crack configurations resulting from cyclic loading. Therefore, the level of reinstatement of
stiffness is uncertain [Elnashai and Salama, 1993]. Moreover, the displacement at which the
repaired parts of the structural member start “picking-up” load is also uncertain.

5.3.3.1  Injection of cracks

This is the most widely used repair method for minor to medium size cracks in RC
structures. Tests on low viscosity epoxies [Bertero et al., 1980] have confirmed the feasibility
of this technique, especially with regard to bond reinstatement.

Injection of cracks is normally considered worthwhile if crack width exceeds 0.2 to
0.3mm. Cracks with width from 0.1lmm (or even less) to a few (2 or 3) mm may be injected
with a usual low-viscosity epoxy. Medium-viscosity epoxies are used for larger crack widths,
up to 5 or 6 mm. In the rare case of larger cracks, up to 20 mm wide, cement grout is the
appropriate material for injection.

fib Bulletin 24: Seismic assessment and retrofit of reinforced concrete buildings 159



Copyright fib, all rights reserved. This PDF copy of fib Bulletin 24 is intended for use and/or distribution only by National Member Groups of fib.

sealing exposed  inmjection
compound area nozzle

adhesive tape

(N IIAEL NALL 15307
[ Mmate sy PG U
1 .

Fig. 5-1: Application of epoxy resin for crack rebair

There are several variations on the method of application of this widely used system. A
typical procedure is shown in Fig. 5-1. Loosc material is removed from the cracks prior to
injection. For the more usual case of epoxy injection, the surface trace of cracks is fully sealed
with epoxy paste, leaving only surface-mounted plastic ports for the injection. The spacing of
ports along the crack should be in the order of the distance that can be reached by the epoxy
prior to hardening. (This distance depends on crack width and on the viscosity of the epoxy at
the application temperature). In members thicker than this distance, ports at both surfaces
should bc provided along penetrating cracks.

The process comprises application of adhesive tapes across the crack at the intended
locations of injection ports, staring from the bottom tip of the crack (b). A special sealing
compound is then applied on top of the tape and the crack and this is left to set (c). The tape is
then removed, thus exposing parts of the crack where injection nozzles are inserted and sealed
(d). Thereafter, an epoxy mix is injected. Injection should start from the lowest level of the
member where a crack appears; when the epoxy bleeds out from the next port, injection
should stop and continue from the next port, after the previous port is sealed. Upon setting of
the repair epoxy; the nozzles are bent and tied firmly. They can be cut flush and sealed with an
epoxy patching compound prior to rendering of the affected member.

A similar procedure is used for cement grouts, except that injection pressure is lower by an
order of magnitude.

The technique is widely used and is quite effective, provided that the travel path inside the
crack is clear. It, however, requires specialist application and the materials used are rather
expensive. The strength is usually reinstated, especially for under-reinforced members. The
effect on stiffness is more uncertain. Injection has no effect on ductility of members failing in
flexure.

5.3.3.2 Replacement of loose or spalled concrete

Loose concrete should be removed until sound concrete is reached. The concrete all
around rebars which are exposed due to spalling or disintegration of concrete should be
removed, until sufficient clearance is achieved for the repair mortar to surround the bar.
Replacement material is normally an epoxy- or cement-based nonshrink grout mortar. For
such repair materials, no epoxy-based bonding agent needs to be applied to the substrate.

Depending on the size and depth of spalling or of the loose concrete to be replaced, sand,
pea-gravel or coarser aggregates may be used. The repair mortar is normally trowelled against
the substrate or against the mortar placed in previous lifts. Formwork is normally not needed.

53.3.3 Replacement of rebars
If rebars have suffered significant buckling or fracture, a certain length of them has to be

cut and replaced with a new piece of rebar, properly lap- or butt-welded to the two ends of the
old bar.
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he Le b | Jd lo=paloe [, It [0 Fteel hooplon s [fu e o, 0. M, lo, |0
Reference Test cyclic mm [mm |mm jmm /mm [% % MPa |[MPa |mm ftype flegs mm |mm MPaMPalv (% (% |kKNm |I/m 1/m
Kraetzig et al (1989) S1.0S INo 1500 1500 |300 {300 260 [0.670 [0.440 |514 1514 |16 R 218 80 |514 |88.0 |0.00(1.30144 |93 |- -
Kraetzig et al (1989) S2.08 No 1500 11500 {300 (300 1260 [0.670 |0.440 |514 |514 [l6 P 2 8 80 514 480 [000(1.30/44 [78 |- -
Kraetzig et al (1989) S1.18 Yes [1500 [1500 {300 1300 [260 [0.670 {0.440 |514 {514 |16 R 2 8 80 |514 |88.0 {0.00([1.80158 |97 - -
Kraetzig et al (1989) S1.28 Yes {1500 [1500 [300 {300 [260 |0.670 |{0.440 |514 [514 |(l6 P ” 8 80 |514 |88.0 |0.00(1.3514.3 |90 |- -
Kraetzig et al (1989) S1.38 Yes (1500 [1500 (300 {300 [260 [0.670 [0.440 |514 |514 |16 ]2 R 8 80 |514 60.0 [0.00({1.40(3.3 198 | -
Kraetzig et al (1989) S1.6S Yes (1500 {1500 ({300 {300 [260 [0.670 10.440 |514 514 [l6 PR R 8 80 514 160.0 |0.00(1.60 (3.7 |60 |- -
Kraetzig et al (1989) S2.18 Yes {1500 [1500 {300 |300 260 [0.670 |0.440 {514 |514 |16 PR D 8 80 |514 KM8.0 [0.00(1.3544 |82 | -
Kraetzig et al (1989) S2.28 Yes |1500 {1500 |300 |300 [260 [0.670 |0.440 |514 |514 |16 P2 R 8 80 1514 M8.0 [0.00]1.206.0 |82 |- -
Kraetzig et al (1989) S2.3S Yes 1500 [1500 |300 |300 |260 [0.670 |0.440 [S14 |514 (16 R 2 8 80 514 160.0 [0.00|1.30{3.7 [68 |- -
Kraetzig et al (1989) S3.28 Yes [1500 {1500 (300 {300 [260 ]0.670 |0.440 |514 514 (16 ]2 2 |8 80 (514 [73.0 |0.00 [1.35]4.5 |113 |- -
Kraetzig et al (1989) S4.28 Yes |1500 [1500 [300 |300 [260 |0.670 [0.440 |514 (514 |i6 P P |8 80 |514 [75.0 {0.00[1.30 |44 {102 |- -
Gomes, Appleton (1998) [POR Yes (1000 {1000 [200 {200 [180 ]0.565 [0.000 |480 |0 12 1 D |6 150 {480 [74.0 |0.05[0.8516.8 [30 ]0.0300 |-
Gomes, Appleton (1998) [P1R Yes {1000 |1000 1200 {200 ]180 ]0.565 j0.000 480 |0 12 |1 6 75 1480 K9.6 {0.07 |0.88[7.0 |30 [0.0300 |-
Tasai (1992) RFR15-1 [Yes [|750 |375 [250 [250 [220 ]0.640 j0.000 |324 |0 13 R 2 6 150 1324 [77.8 {0.20 {0.40 |>3.3{38 |- -
Tasai (1992) IRFR15-2 |Yes [750 (375 [250 [250 (220 [0.640 [0.000 /324 |0 13 R R |6 150 324 R8.9 |0.201]0.66 [3.3 158 | -
Tasai (1992) RFR25-1 [Yes [1250 |625 [250 [250 {220 {0.640 [0.000 {324 {0 13 p 2 16 150 {324 [77.8 |0.20 |1.00 [>5.0{47 |- -
Tasai (1992) RFR25-2 [Yes [1250 [625 250 [250 [220 |0.640 [0.000 {324 |0 13 p R |6 150 (324 8.9 [0.20}0.64 3.3 153 | -
Tasai (1992) Yes [1000 {S00 250 [250 [220 }1.060 [0.000 {459 |0 13 p 2 6 45 459 [35.2 |0.00 |0.60 [>4.0 {63 |- -
Ilya, Bertero (1980) SW7R,-1 {Yes [1181 (6622 [254 |2388 [2261 |0.374 |0.135 |510 (586 (19 11 4 5 21 483 K0.8 |0.07 |0.40 14.8 |5360 |- -
Ilya, Bertero (1980) SW7R,;-2 |Yes 12096 |6622 [254 |2388 (2261 |0.374 [0.135 |510 (586 (19 {1 5 21 (483 K0.8 |0.07 [0.50 |4.0 [5500 |- -
Ilya, Bertero (1980) SW7R;-3 |Yes [3010 6622 [254 |2388 [2261 |0.374 |0.135 {510 (586 (19 |1 4 5 21 (483 40.3 |0.07 |0.50 [3.9 |5500 |- -
Ilya, Bertero (1980) SWS8R,;-1 |Yes [1181 [6622 [254 [2388 (2261 [0.374 |0.135 |510 |586 {19 |1 4 |5 21 1483 40.8 [0.07 [0.45]5.1 [5900 |- -
Tlya, Bertero (1980) SWS8R,;-2 |Yes (2096 [6622 (254 |2388 [2261 |0.374 |0.135 |510 [586 (19 |1 415 21 483 K0.8 |0.07 [0.45]5.0 |5900 |- -
Ilya, Bertero (1980) SW8R;-3 |[Yes 3010 16622 |254 |2388 |2261 [0.374 [0.135 {510 |586 (19 |1 4 |5 21 483 40.8 [0.07 |0.4514.9 [5900 - -
Wang et al. (1975) SWIR-1 |Yes [I1181 4386 254 |2388 (2261 [0.374 |0.260 {501 (507 (19 |1 4 |5 21 |571 2.6 [0.12]0.52 1.1 |3728 10.0023 {0.006
'Wang et al. (1975) SWIR-2 [Yes [2096 [4386 [254 |2388 |2261 |0.374 10.260 {501 (507 |19 1 4 |5 21 571 [36.5 10.07 10.76 [1.1 |3728 [0.0023 {0.005
Wang et al. (1975) SWIR-3 [Yes (3010 [4386 [254 |2388 2261 |0.374 |0.260 {501 (507 19 i 4[5 21 571 36.5 10.07 |0.89 |1.2 |3728 10.0033 10.006
Wang et al. (1975) SW2R-1 [No 1181 {4408 [254 |2388 [2261 |0.374 |0.260 [501 (507 |19 |1 4 |5 21 571 [33.1 |0.08 |1.00 [3.1 }4473 |0.0022 |0.016
Wang et al. (1975) SW2R-2 [No 12096 14408 254 [2388 12261 [0.374 |0.260 (501 [507 {19 |1 4 |5 21 {571 137.1 |0.07 |1.23 [3.0 |4473 |0.0035 |0.015
[Wang et al. (1975) SW2R-3 [No |3010 4408 |254 |2388 |2261 {0.374 |0.260 [501 {507 {19 |1 415 21 571 37.1 |0.07 ]1.23 [2.8 (4473 {0.0060 [0.013
Fiorato et al (1983) B5R Yes 4572 14572 [305 |1905 (1753 [0.585 [0.097 |444 444 (19 |1 U |6 34 1502 42.8 [0.00/1.16 |[3.2 [2847 |- -
Fiorato et al (1983) BIR Yes 4572 {4572 |305 {1905 {1753 |0.585 |0.097 |429 [429 {19 11 4 |6 34 1462 [51.8 [0.00 [1.00{3.9 [3660 |- -
Fiorato et al (1983) BI1IR Yes [4572 14572 |305 [1905 11753 |0.585 10.097 [435 [435 |19 |1 o6 34 |518 42.6 10.0010.94 3.5 [2908 |- -
Table 5-1: List of repaired and tested specimens (the first 18 are columns, the last 15 are walls)
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5.3.3.4  Strength and deformations of repaired members

There are few cyclic test data in the literature on concrete specimens repaired and retested
without strengthening, other than replacement of the crushed concrete with epoxy mortar,
non-shrink concrete, fibre-reinforced concrete, etc. These materials typically have higher
strength f; than the original specimen.

These tests, summarized in Table 5-1, are the following:

1) 11 tests on simple cantilever columns by Kritzig et al (1989),

2) Two tests on simple cantilever columns by Gomes and Appleton (1998).

3) Five tests on double-ended cantilever columns by Tasai (1992).

4) Three tests on large cantilever shcar walls by Fiorato et al (1983).

5) Four tests at UC Berkeley (Iliya and Bertero 1980 and Wang et al 1975) on three-storey
shear walls. (Separate measurement are presented for the three storeys in the four wall
tests, so each test is considered to give data for three test cases).

Egs. (5-2) to (5-26) were applied to the 33 test cases for repaired specimens, considering
them as monolithic and adopting the (normally higher) value of f; of the repair concrete for
the entire specimen. So this is the value of f; given in Table 5-1.

All test cases provide data for the chord rotation and the moment at yielding, 6, and My,
and for the maximum chord rotation attained during the test. Except in three tests by Tasai
(1992), failure was reached and the value of 6 given in Table 5-1 is the ultimate chord rotation
6,. The wall tests by Wang et al (1975) provide also curvature values at yield and ultimate, ¢
and ¢, respectively.

The conclusions of the comparison are summarized in Table 5-2; they are the following:

1) If monolithic behaviour of the repaired specimen is assumed, the yield moment and chord
rotation, My and 6y, are underpredicted by about 5% and 15% respectively, giving about 10%
higher effective stiffness. Therefore for repaired columns the modification factors to be
applied on M, and 8y in Eq. (5-27), (5-28) are kn=1.05 (or practically 1.0) and ky=1.15.

2) The ultlmate chord rotation 0, may be taken as 85% of that predicted assummg monolithic
behaviour, according to Egs. (5-9) or (5-11) (k,=0.85 in Eq. (5-29)). For one of the three
specimens that did not fail, the empirical expressions, Eqgs. (5-9), (5-11), were at the margin of
failure, while the more rational alternative, Eq. (5-12)-(5-26), gave a small margin against
failure. For the other two specimens the empirical expressions gave failure at a chord rotation
somehow less than the value safely attained, whereas the more rational alternative predicted
failure at a much lower chord rotation.

‘Quantity No. of Mean Median Coef. of variation
data - (%)
My ex red.eq(5-8) 33 1.04 1.05 24
A S 41
(My expls/30y exp. ) (My,prea Ls/30y prea.) 33 0.89 0.88 41
u exp/ u,pred.eq(5-9) 30 0.95 0.87 45
9u cxpleu pred.eq(5-11) 30 091 0.83 44
0 eq(5-12)-(5-26) 30 1.34 0.97 74

Table 5-2: Mean, median and coef. of variation of ratio of experimental to-predicted quantities, assuming
monolithic member. Repaired specimens

534 Concrete jackets
5.3.4.1 Introduction

Owing to their cost-effectiveness, concrete jackcts have been, over the past two to three
decades, by far the most widely-used technique for seismic upgrading of existing concrete
members. This cost-effectiveness is due to several reasons:

e The familiarity of engineers and of the construction industry alike with the field
application of structural concrete: It is emphasized that retrofitting, especially when it
refers to modification of existing components, does not lend itself to even partial
prefabrication in shop; it is reminded in this connection that reinforced concrete is the
prime structural material for field fabrication and application.
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e The suitability of concretc jacketing for simultaneous repair of serious seismic damage,
involving local or more extensive concrete crushing, or even buckling of bars and fracture
of stirrups; the reasons being that: a) replacement of the crushed concrete is done in the
same operation as casting or shotcreting of the jacket and b) full restoration of buckled or
fractured bars may not be absolutely necessary, if such reinforcement is replaced by the
new reinforcement of the jacket. The importance of this factor was even larger in the past,
as only recent years have seen seismic retrofitting projects not been triggered by seismic
damage.

e The vgersatility of reinforced concrete and its ability to adopt to almost any desired shape,
including that needed in order to fully encapsulate existing concrete members and joints
and provide structural continuity between different components (e.g., between a joint and
the adjoining members, or between members in adjacent storeys).

e The ability of a concrete jacket to have, through the appropriate reinforcement, multiple
effects: such a jacket is the only means to enhance at the same time: a) the stiffncss of a
member, b) its flexural resistance, c) its shear strength, d) its deformation capacity, and €)
the anchorage and continuity of reinforcement in anchorage or splicing zones. The first
two effects are due to the increased cross-sectional dimensions and the added longitudinal
reinforcement, which — most importantly and unlike other retrofit techniques of
individual members ~ can easily extend beyond the member end into and through joint
regions. For the other three cffects, although the added concrete is also a factor, the main
contributor is the added transverse reinforcement (acting both against shear and as
confining and antibuckling reinforcement).

From the technical point of view the multiple effectiveness of concrete jackets is what
mainly differentiates them from the other techniques of seismic retrofitting individual
concrete members, which, in principle, cannot readily extend beyond the member end and into
joint regions. For this reason, other techniques are used mainly to enhance some or all of the
properties listed under (a) and (c) to (e) in 1) above, but normally not the flexural strength
(item (b) above).

Concrete jackets have certain drawbacks in comparison to other mcmber retrofit
techniques: 1) They considerably increase member cross sectional dimensions, which may be
a serious drawback in the case of columns or walls in buildings where floor area is at a
premium. 2) They are worse than any other technique as far as magnitude and length of
disruption of occupancy, production of dust and debris (especially if shotcrete is used instead
of cast-in-situ concrete), noise pollution and health and safety of workers are concerned. As
there is a tendency for increasing importance of all these factors or issues where concrete
jackets are at disadvantage relative to competing techniques, described also in the following,
the balance may soon turn against concrete jackets, despite their present and future advantage
in direct construction costs.

534.2 Configuration, detailing and construction of concrete jackets

Jacketing of columns and walls is typically done with an overlay of cast-in-situ concrete or
of shotcrete. The jacket can accommodate longitudinal and transverse reinforcement to
increase the member flexural and shear strength, enhance the deformation capacity (through
confinement and antibuckling action) and improve the strength of deficient lap splices.
Concrete jacketing of columns for increased flexural strength is a convenient and common
means for conversion of weak-column/strong-beam frames into strong-column/weak-beam
ones.

For the increase of flexural strength, longitudinal reinforcement should be continued to the
storeys above and below, through holes or slots in the slab. To avoid perforating the beams on
all sides of the cross-section into which a beam frames into the column jacket, reinforcement
continued through the slab needs to be concentrated near the corners of the new section, often
in bundles. (To avoid bond problems, bundling of bars ¢oncentrated near the corners of the
jacket should be avoided, if feasible). Anchorage into a footing or foundation element of
jacket longitudinal reinforcement intended for increased column flexural capacity may be
achieved either: a) by increasing the size of the footing or foundation element to accommodate
anchorage of the jacket bars (possibly increasing at the same time capacity of the footing or
foundation element to meet the increased demands from the jacketed column), or b) by
fastening (e.g. through adhesives) starter bars in vertical holes drilled in the footing and lap-
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splicing to them the jacket vertical reinforcement outside the plastic hinge region at the
bottom of the retrofitted column.

In order to provide adequate cover of the new reinforcement and to allow placement of the
ties, the concrete overlay should be at least 75mm to 100mm. For this range of thickness
shotcrete is most convenient. Thicker overlays will have to be cast-in-place and formwork is
needed for the construction of the jacket. Then the concrete is cast from the top, through holes
and slots in the slab.

A closed perimeter tie is placed around the longitudinal bars of the jacket, to provide shear
strength, restraint of longitudinal bars against buckling and concrete confinement. To avoid
drilling holes and threading cross-links through the core of the old column, the perimeter tie is
normally supplemented at most with an octagonal closed tie outside the old column, providing
antibuckling restraint to longitudinal bars which are close to, but not exactly at the corner. An
octagonal tie may be replaced by short corner ties at 45° to the perimeter, engaging in 90°-135°
hooks the two bars adjacent to the comner bar. A diamond-shaped tie can be placed only if the
size of the enlarged column is at least twice that of the old one and is unnecessary if the jacket
does not have mid-side bars to be restrained. To facilitate placement, closed ties may come in
two pieces (two L=shaped ones, or a U-shaped piece and a straight onc), with some hooks bent
to 135° in shop and others in situ after placement (see Fig. 5-2 for examples). Tie hooks
around bundled bars are more difficult to construct and normally have a larger diameter bent
to accommodate the bundled bars. ‘

If the jacket does not surround the old column (one-, two-, or three-sided jackets), the
reinforcement of the existing column will have to be exposed and the added ties of the jacket
may be welded on the old ties, or bent around the old vertical bars.
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Fig. 5-2: Jackets constructed around columns in 2:3 scale 2-storey, 1-bay test frame by Stoppenhagen et al
(1995).

The jacket should extend into the beam-column joint region, with ties placed there through
horizontal holes drilled in the beams. (Drilling of beams is not an easy task and requires
locating their reinforcement). If beams frame into up to three faces of the joint, the ties may
come in two pieces: a U-shaped picce and a straight one. The two pieces may be lap-welded
after they are put in place and the two ends of one of the pieces bent by 90°. Alternatively, the
ends of the straight piece may be bent in shop at 135° and those of the U-shaped one in situ
(Fig. 5-2). Ties to be placed around joints with beams framing on all four sides may need to
come either in four straight pieces with one end bent to 135° in the shop and the other in situ
after placement, or in four L-shaped pieces with their ends lap-welded after placement through
the holes drilled in the beams. It should be reminded at this point that past experience has
shown that interior joints with all four faces confined by beams of width not much less than
the side of the column, are much less vulnerable than exterior joints, even when they are
unreinforced. So the labourious task of placing ties in such joints is not essential. It is worth
mentioning that, in order to avoid placing new ties through the beams, Alcocer 1992 and
Alcocer and Jirsa 1993 constructed a steel cage around the joint, consisting of four heavy steel
anglcs at the corners of the jacketed column, welded to two horizontal collars, one at the top
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surface of the slab and the other right beneath the soffit of the beams framing, into the joint.
The four angles were dimensioned to provide, through their flexural stiffness, a joint
confinement equivalent to that of the ties that should had been placed through the joint. This
alternative is consistent with the ACI-318 concept of joint ties as a means of confining the
joint core and not as joint horizontal shear reinforcement. It is noteworthy that, although
thejacketed 3D beam-column subassemblages tested by Alcocer 1992, Alcocer and Jirsa 1993
developed their ultimate strength by joint shear failure, the steel cage proved effective in
confining the joint core and preventing it from disintegrating and losing resistance, even at
storey drifts of 4%.Guidance documents for the construction of concrete jackets — and
construction practice alike — provide for measures assuring the shear connection of the old and
the new concrete at their interface. The most commonly recommended and followed measure
is the intermittent lap-welding of the (corner) bars of the jacket to the (exposed for this
purpose) longitudinal bars of the old column through Z- or U-shaped steel inserts (see Fig. 5-3
for the steps involved in the implementation of this measure and for application examples). It
should be emphasized that positive connection of steels of different grades (and hence of
different chemical composition) promotes their corrosion. Therefore, such connection of the
old and new longitudinal bars through welding to intermediate pieces of steel should be
avoided.

Cross-Section

Fig. 5-3: Concrete jackets with U-shaped rebars or steel plates welded to old and new corner bars for shear
connection
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zone within this gap is effectively confined by the adjacent concrete beyond the length of the
gap. Anyway, FRP- or steel-jackets, to be covered in following sections, lend themselves
better than concrete jackets for shear strengthening and enhancement of deformation capacity
without flexural strengthening.

Confined boundary elements are created in old shear walls by adding jackets to the ends of
the wall section. Hoops of such a concrete jacket come in two pieces: one straight piece,
driven through a hole drilled in the web, and a U-shaped piece placed around the edge of the
wall and lap-welded to the other piece. Additional shear strength is provided by a concrete
overlay of the web with honzontal and vertical bars.

5.34.3  Strength, stiffness and deformation capacity of members with concrete jackets

Complete information on concrete members strengthened with concrete jackets and tested

under monotonic or axial load was found for only 15 tests: ,

1) Three double-ended short columns by Bett et al (1988), strengthened (mainly in shear)
through a 66mm-thick shotcretc jacket. Longitudinal bars of the jacket werc not
connected to the footing of the column and hence did not contribute to its flexural
strength. The interface of the old and new concrete was mechanically roughened, and in
two of the three specimens was provided with cross-ties of 9.5mm diameter at 228mm
centers at column mid-side through holes drilled in the old column. The cross-ties acted
also as dowels at a cross-sectional area ratio of 0.1% with respect to the interface.

2) Four double cantilever columns by Rodriguez and Park (1994), with a 75mm-thick cast-in-
place jacket, the longitudinal bars of which were anchored into the base of the specimen,
contributing to flexural strength enhancement. The interface between the old and the new
concrete was roughened, but not crossed by dowels.

3) Two tests on simple cantilever columns by Gomez and Appleton (1998), strengthened
with a 30mm-thick jacket, with longitudinal bars extending into the base for anchorage by
20 bar diameters and with the old-to-new concrete interface just roughened.

4) Three column specimens by Ersoy et al (1993), subjected to eccentric compression without
transverse load. The vertical reinforcement of th¢ 35mm-thick jacket was well anchored
into the base and was also welded to the corner bars of the old column through Z-shaped
rebar pieces, supplementing the shear connection provided by roughening of the interface.

5) One test by Yamamoto (1992) on a double cantilever column strengthened with a 30mm-
thick jacket. Longitudinal bars of the jacket were well anchored into the base, but special
provisions for roughening the interface with the old concrete were not taken.

6) Two three-storey tall walls with rectangular cross-section and bar bells at the two ends by
Iliya and Bertero (1980). In the first storey web thickness was doubled from 102mm to
204mm with cast-in-situ concrete and well-anchored vertical reinforcement was added to
the barbells.

The results of these tests were analysed under the following assumptions:

a) The member was considered as monolithic, with full composite action between old and
new concrete.

b) The concrete strength of the new (jacket) concrete was considered to apply over the full
section of the member, including the base within which the longitudinal bars, new or old,
are anchored. This assumption is considered reasonable even under field conditions, as
the compressive zone of the composite member, as well as anchorage of the new bars, are
controlled by the new concrete.

c) The longitudinal reinforcement of the jacket (if anchored into the base) was considered as
top and bottom reinforcement of the section (i.e. for the calculation of the tension and
compression steel ratios, py=p; and of the fixed-end rotation due to bar slippage in the
anchorage zone), the reinforcement of the old column was considered as vertical web
reinforcement and assumed as uniformly distributed between the top and bottom
reinforcement of the section (although generally it was not). The new longitudinal
reinforcement which did not extend into the base for anchorage in the three tests by Bett
el al (1988) was ignored and the effective depth d was measurcd to the old reinforcement.

The geometric and mechanical characteristics of the 15 specimens before and after
strengthening are shown in Tables 5-3 and 5-4 respectively. Table 5-4 presents also the
available test results of the strengthened specimens.
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b | Lo | b [ h | d [p=p]| pv | £ | £ | &0 Fteelhoop ¢n | s | £ _Zﬂ 6, | 6. |M | o [ &

Reference test |cyclic| mm {mm (mm | mm | mm | % % __|MPaMPal mm [type|legs {mm| mm [ MPa vVIi%| % |kKNm| l/m 1/m
Bett et al (1988) 1-2. No | 460 | 460 | 432 | 432 | 334 {0.03610.300|462|462| 19| 1 | 2 | 6 | 63 | 462 [32.3]0.05{1.00|>2.5| 153 - -
Bett et al (1988) 1-3. No | 460 [ 460 | 432 | 432 [ 334 10.105{0.300|462(462] 19( 1 | 2 | 6 | 63 | 462 |32.3]0.05|0.90|>2.3| 147 - -
Bett et al (1988) 1-1R Yes | 460 | 460 | 432 [ 432 | 334 |0.105]0.300]|462{462] 191 1 | 2 | 6 | 63 | 462 [32.30.05|1.25|>2.6] 143 - -
Rodriguez, Park (1994) [SSI Yes |1425]1425] 550 | 550 | 512 [0.260]0.830]502{325] 16 | 1 [ 2 | 10| 95 | 340 [32.9/0.10(0.60| 3.6 | 428 - -
Rodriguez, Park (1994) |SS2 Yes [1425[1425| 550 | 550 | 512 }0.2600.830{502{325{ 16| 1 | 2 [10] 95 | 340 |34.0{0.10|0.60| 3.1 | 498 - -
Rodriguez, Park (1994) |SS3 Yes |1425]1425| 550 | 550 | 503 |0.150|0.980/4911369| 12| 1 | 4 | 10| 72 | 330{19.4/0.10/0.50] 2.8 | 400 - -
Rodriguez, Park (1994) |SS4 Yes |1425]|1425] 550 | 550 | 503 [0.150/0980|491|369| 12| 1 | 4 | 10| 72 | 330 [25.2{0.10{0.70! 2.8 | 342 - -
Gomez. Appleton (1998) IP2R Yes 11000)1000] 260 | 260 | 240 {0.330|0.670|4801480]| 12| 1 [ 2 | 6 | 75 | 480 {58.2(0.18(0.70| 5.1 | 63 - -
Gomez, Appieton (1998) [P3R Yes | 1000]|1000| 260 | 260 | 240 |10.330/0.670{4801480] 12| 1 | 2 | 6 | 50 | 480 (49.6/0.18|0.80| 6.8 | 68 - -
Ersoy et al (1993) RBM Yes [1000]1000f 230 | 230 | 226 [0.430/0.850|300}300{ 12| 1 | 2 | 8 |100{ 260 {30.6/0.35| - - | 58 | 0.021 |0.1340
Ersoy et al (1993) RBR Yes (10001000} 230 | 230 | 226 |0.430/0.850|300|300]) 12| 1 | 2 | 8 [100] 260 |30.7/|0.35] - - | 56 | 0.020 ]0.0920
Ersoy et al (1993) SBR Yes | 1000]1000| 230 | 230 | 226 [0.430|0.850|300|300) 12| 1 | 2 | 8 | 100|260 {33.0{0.35] - - | 67 | 0.022 ]0.0610
'Yamamoto 1992 m.Zo.m Yes | 500 | 500 | 310 | 310 | 265 [0.390|0.800{358358{ 13| 1 | 2 | 4 | 50 | 447 [27.6{0.14]0.75| >8 | 54 - -
Iliya, Bertero (1980} Waﬁﬁm Yes | 118166222388 | 254 [2261]0.590(0.270({510{482|21 | 1 { 2 | 6 [152]582 (51.4/0.03{0.42{ >.8 [7250| - -
Iliya, Bertero (1980) ._mimww Yes |1181]6622]2388] 254 |2261[0.590[0.270|510|482| 21| 1 [ 2 | 6 | 21 | 582 {49.6{0.03(0.25| 1.0 [7600| - -
Table 5-4: Concrete jacket tests — Jacketed specimens (dimensions and reinforcement of jacketed member)
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Quantity ™ No. of | Mean | Median | Coéf.” of variation
data (%)

My,exp/My.pred.eq(S-S) 15 0.97 0.88 35

Oy.cx y.pred.eq(5-2) 12 0.99 0.86 31

(My,ex Ls/3ey,exp.)/ (My.prcd‘Ls/ 39y.pn:di) 12 1.02 0.99 29

6u.e;(p/ u,pred.eq(5-9) 6 1.08 1.00 32

By.ex £q(5-12)-(5-26) 6 1.02 0.95 55

Table 5-5: Mean, median and coefficient of variation of ratio of experimental-to-predicted quantities,
assuming monolithic member. Jacketed specimens.

All 15 specimens provide values of the yield moment, My, but only 12 of them gave also
values of the chord rotation at yielding, 8y, as the 3 specimens by Ersoy et al (1993) were
tested under pure bending with axial force and gave only curvature data (at yielding and
ultimate). Only 6 of these 12 specimens reached failurce: the tests by Bett et al (1988) and by
Yamamoto (1992) did not rcach failure, while in the two shear walls failure took place in the
two upper unstrengthened storeys.

Table 5-5 compares the experimental results with the predictions of the expressions quoted
in 2.2.1 for monolithic members. Equation numbers in Table 5-5 refer to that part of the
report.

The comparison leads to the following conclusions:

° When the simplifying assumptions (a) to (c) above are made, thc strength and the
deformations of the jacketed member at yielding is overestimated by the models applying
for monolithic members by about 10%. Compared to that of the large database of
monolithic elements, the scatter of the prediction is higher for the yield moment My, but
lower for the yield chord rotation and the effective stiffness at yielding (MyL+/36,).
Therefore the yield moment and chord rotation of the jacketed member may be estimated
by applying modification factors k,=0.9 and ky=0.9 in Eqgs. (5-27), (5-28) on the values of
M, and 6y estimated from Eqs. (5-2) and (5-8) for monolithic members, assuming that the
entire column has the concrete strength of the jacket and that the vertical bars of the old
column work as if they were uniformly-distributed intermediate vertical reinforcement.
This gives an effective stiffness of the jacketed column equal to that of the monolithic
member. It should be noted that if the vertical bars of the old column are neglected, the
yield chord rotation 6, will not change much, but the yield moment My and the effective
stiffness will be underpredicted by about 10% and 20%, respectively. Moreover, this
assumption has adverse effects on the prediction of ultimate deformation, 6,, so overall it
is worse than the assumption of including the old bars as intermediate reinforcement of
the column cross-section.

e The expressions developed for the ultimate chord rotation 8, of monolithic members (Eqs.
(5-9), (5-11), (5-12) to (5-26)) work on average well for jacketed columns considered as
monolithic. The scatter of the prediction(s) is much smaller than that for the full database,
but this is mainly due to the small present sample size. Although not shown in Table 5-5,
for the threc specimens by Bett et al (1988) which did not fail, the empirical expressions,
Egs. (5-9), (5-11) predict that they would have just failed, whereas the set of expressions,
Egs. (5-12)-(5-26), based on rational mechanics predict that they would have escaped
failure with a slim margin. The overall conclusion is that all expressions developed for
the value of ultimate chord rotation 8, of monolithic members may be applied to jacketed
members according to Eq. (5-29) with a modification factor k, of about 1.0.

Strength and deformation capacities of jacketed members may be calculated neglecting the
fact that the axial load due to gravity loads is originally applied on the old column alone and
that the jacket is constructed without removing this axial load from the old column. This is a
reasonable simplification, as after the column yields, it does not retain any memory about the
original conditions of application of the axial load and the latter is carried by the compression
zone, which normally lies within the jacket, as if it had been applied to the full column section
from the beginning of loading.

It is worth mentioning again, in closing, the tests performed by Alcocer 1992 and Alcocer
and Jirsa 1993, on four 2:3-scale 3D beam-column subassemblages retrofitted with column
(and joint) jackets, or — in one test — with beam and column jackets, The retrofit
subassemblages developed a cyclic lateral force resistance at storey drift of 4% between 3.5
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and 6 times that of the unretrofittcd subassemblage. Beam hinging took place in the retrofitted
specimens, with a large part of the slab (reinforcement) fully contributing to the tension flange
of the beam. Joint shear was critical, but did not lead to a drop in resistance even under bi-
directional load cycles. No bond problems were observed along the part of the beam or
column bars through the joint, although its length was limited to 18 bar diameters (or 10
equivalent bar diameters for the bar bundles) and to 23 bar diameters in the beams.

53.44 Recommendations for dimensioning and verification of jacketed members in
practical retrofit design

On the basis of the information presented above, the following recommendations may be
made for dimensioning and verification of RC members (in particular columns or walls)
retrofitted with concrete jackets, with longitudinal reinforcement fully anchored beyond the
member end:

o The jacketed member may be considered as monolithic. A roughened interface is
considered sufficient for full composite action between new and old concrete. For
simplicity, concrete strength may be taken as that of the jacket; nonctheless, large
differences in strength between the old and the new concrete should be avoided. The axial
load may be considered to act on the full, composite section.

e The longitudinal reinforcement of the jacketed column is mainly that of the jacket; the
existing longitudinal reinforcement in the old column should be considered at its actual
location between the tension and compression reinforcement of the composite member
(i.e. should be included in longitudinal reinforcement distributed in the “web”), taking
into account appropriately any differences in yield strength. For walls, old reinforcement
near the edges may be taken into account as reinforcement of the tension and compression
flanges, as appropriate; old web reinforcement may be included in the web reinforcement
of the composite member; in both cases differences in yield stress between ncw and old
reinforcement should be appropriately taken into account.

e Only the transverse reinforcement in the jacket should be taken into account for
confinement. For the calculation of shear resistance, the old transverse reinforcement may
be considered only in walls, provided it is well anchored in the (new) boundary elements.

e The yield moment and the flexural capacity of the member should be taken as 90% of that
of the monolithic member considered according to 1 and 2 above (k,=0.9).

e The shear strength of the member may be taken equal to that of the monolithic member
considered according to 1 to 3 above. It should exceed the shear force corresponding to
development of the member flexural capacity, with adequate margin to take into account
ﬂe;ural overstrength due to steel strain hardening and concrete confinement (e.g. by
25%).

* Member deformations at flexural yielding (e.g. the chord rotation at yielding) may be
taken as 90% of those of the monolithic member according to 1 to 3 above (k,=0.9). This
results in a member secant-to-yield stiffness equal to that of the monolithic member.

e Flexure-controlled ultimate deformations (e.g. the ultimate chord rotation, 6,) may be
taken equal to that of the monolithic member considered according to 1 to 3 above
(k,=1.0). This calculation should be based on the less ductile of the two types of
longitudinal steel used in the composite member.

¢ At beam-column joints horizontal ties should be provided in the jacket at the appropriate

amount and detailing, as required for the shear strength of the joint between the retrofitted

column and the beam(s). Anchorage of beam and column (jacket) bars within that joint
should satisfy the corresponding detailing rules for joints in new structures.

Fulfillment of the strong-column weak-beam rule should he considered as appropriate,

when selecting the dimensions and reinforcement of the column jacket.

5.3.5 Retrofitting using externally bonded Fibre Reinforced Polymers (FRP)
5.3.5.1 Introduction

Externally bonded (eb) fibre reinforced polymers (FRPs) in the form of continuous carbon

(C), glass (G) or aramid (A) fibres bonded together in a matrix madc of epoxy, vinylester or
polyester, are being employed extensively throughout the world in retrofitting reinforced
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concrete structures. Early applications have been mainly for strengthening against non-seismic
actions. Nonetheless, their high strength-to-weight ratio, immunity to corrosion and easy
handling and installation are making FRP jackets the material of choice in an increasingly
large number of seismic retrofitting projects, despite the relatively high material costs.

The literature on FRP-strengthened RC elements is vast: several journal or conference
papers cover a variety of aspects on seismic retrofitting, the most important ones being shear
strengthening and increase of confinement. The basic concepts involved in using FRPs as
strengthening materials of concrete structures are covered in a review article of Triantafillou
(1998a). Progress in various strengthening methods, questions associated with the long-term
durability of FRP, as well as the development of design guidelines and codes for non-seismic
applications were addressed in a review paper by Neale (2000). Presently the most
comprehensive and up-to-date overview — albeit without emphasis on seismic retrofitting — is
the one in (fib, 2001). A recent survey of the literature on seismic retrofitting with FRPs may
be found in a review article by Triantafillou (2001).

Given that continuity and anchorage of FRPs in a joint beyond a member end is difficult to
achieve, the main uses of FRPs in seismic retrofitting of existing RC clements are the
following:

* The shear capacity of sub-standard elements (columns, shear walls, etc.) can be

enhanced, by providing externally bonded FRPs with the fibres in the hoop direction.

» A ductile behaviour of flexural plastic hinges at beam or column ends can be achieved
through added confinement in the form of FRP jackets, with the fibres placed along the
beam or column perimeter.

» The flexural strength of RC columns can only be developed when debonding of the
reinforcement in lap splices is prevented. Such debonding occurs once vertical cracks
develop in the cover concrete and progresses with increased dilation and cover
spalling. The associated rapid flexural strength degradation can be prevented or limited
with increased lap confinement, again with fibres along the column perimeter.

This section focuses on the seismic retrofitting of RC members (mainly columns, but also
beams, shiear walls and beam-column joints) using FRPs. Following a brief review of key
properties of FRP materials, some basic retrofitting issues (shear strengthening, increase of
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